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Seismic evaluation of unreinforced masonry buildings — a state-of-the-art report
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The potential vulnerability of old unreinforced masenry buildings. designed with little or no consideration for
seismic-design requirements; is well documented. In regions without seismic refrofit ordinances prescribing a
specific method to evajuate existing unreinforced masonry buildings. engineers have generally resorted to either
conservative methods or various advanced analytical models. Although some approaches have received broader
acceptance than others, there is still no consensus among practising engineers in North America. To provide perspective
an the spectrum of strategies available and a clear overview of the state-of-the-art on this topic, this paper (i) pre-
sents the theoretical background and practical appfications of a new procedure to evaluate gnreinforced masonry bearing
wall buildings, developed in California and recently integrated into the new Canadian Guidelines for the Seismic
Evaluation of Existing Buildings, and (/) summarizes the findings from other rocent experimental and analytical research
activities on (he seismic behaviour of unreinforced masonry buildings. and from advances in their modelling.
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La vulnérabilité latente des vieux batiments de maconnerie non armée, congus sans tenir compte de réhabilitation
sismique des exigences de calcul parasismique, est bien connue, Dans les régions od il p'existe avcune réglementation
comportant une méthode précise ¢ évaluation des batiments de magonneric non armeée, les ingénienrs doivent
recourir 2 des méthodes prudentes ou 4 des modéles analytiques &'avant-garde. Bien que certaines approches soient
plus acceptées gue d'autres, it n’existe toujours pas de consensus parmi les ingénieurs en Amérigue du Nord. Cet article
traite du fondement théorique ainsi gue des applications pratiques d'unc nouvelle méthode d’évaluation des batimenis
de magonnerie non armée avec murs porteurs, développée en Californie et intégrée récemment aux Lignes directrices
visapt 1 évaluation sismigue des bitiments existants, 1! résume également les résultats des plus récentes activités de
recherches analytigues ou expérimentales sur l¢ comportement sismique de bétiments de magonnerie non armée
ainsi que des progrés en termes de modélisation. 11 permet de faire le point sur U'érat actuel des conmaissances dans
Je domaine et de présenter la gamme de stratégies existanies.

Mots ¢lés  magonnerie non armée, magonnerie, séisme, répounse sismique, élat des connaissances, Evaluation.

réhabilitation, analyse, modéles, édifices.
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1. Introduction

The potential vulnerability of old unreinforced masonry
buildings, designed with little or no consideration for seisrmic-
design requirements. is well documented. Since this type
of construction is prevalent in the downtown core of most
North American cities exposed to seismic risk, where the
population densities are usually the highest, the magnitude
of this hazard can be appreciated. 1o regions of Canada
where seismic-resistant design requirements have already
been in effect for a few decades, some owners are slowly
beginning to recognize this seismic hazard; the devastating
effects of recent North American earthquakes on older unre-
inforced masonry buildings, in contrast to buildings designed
to modern standards, have undoubtedly increased awareness
of the problem. This has led, in some nstances, to requesis
for the evalnation of the seismic-resistance adequacy of
existing unreinforced masonry structures, the first siep of
any effective seismic hazard mitigation strategy.

While there is evidence that unreinforced masonry buildings
can survive major earthquakes, the conditions required for sat-
isfactory performance are not fully understood and the usual
modern analytical tools are often unable to discriminate
appropriately. Structural engineers retained to investigate
the seismic resistance of various unreinforced masonry facil-
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ities promptly discover the limitations of current masonry
design standards whose simplistic design guidelines are of
littde, if any, assistance in realistically assessing this resistance.
Recent codes, such as the 1991 edition of the Uniform Code
for Building Conservation (UCBC) (JCBO 19%1a), the
NEHRP Handbook for Seismic Evaluation of Existing
Buildings (FEMA 19924), and the Canadian Guidelines for
Seismic Evaluation of Existing Buildings (CGSEEB) (NRC
1992), all inspired by a special procedure commonly known
as the ABK-methodology (ABK 1984), are notable exceptions
which specifically address the seismic strengthening of unre-
inforced masonry bearing wall buildings, and include a special
procedure that is based on empirical evidence and is applic-
able to certain types of unreinforced masonry butldings.
The 1991 UCBC has already been used to investigate, and
retrofit when necessary, thousands of buildings in California.
where the code is endorsed by local ordinances mandating the
mitigation of seismic hazards from unreinforced masonry
buildings. When lacking such endorsement, and concurrent
legal protection, engineers have generally resorted fo either
conservative methods, the UCBC procedure, or other
advanced analvtical models. the final decision often being a
matter of each engineer’s beliefs in the seismic behaviour of
unreinforced masonty buildings and their modelling. A
review of the state of knowledge and current research on
this topic 1s useful in this respect.

The objectives of this paper are (i) to present the theo-
retical background and practical applications of a new pro-
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cedure to evaluate unreinforced masonry bearing wall build-
ings, developed in California and recently integrated into
the new CGSEER; and {ii) to swmmarize the findings from
other recent experimental and anatytical research activities
on the seismic behaviour of unreinforced masonry buildings,
and, from advances in their modelling, to provide practising
engineers and researchers with a clear overview of the state-
of-the-art on this topic. The author’s contribution herein is
to report and comment on the information availabie, afbeit
scattered, in the published litgrature. A comprehensive pre-
sentation of concerns regarding the seismic performance of
existing unreinforced masonry buildings in an eastern Noxth
American seismicity context, of the various issues that per-
tain to the seismic hazard of existing unreinforced masonry
buildings, of the state-of-the-practice as required by various
North American building codes and standards, of the
identification of the known modes of failure of unreinforced
masonry buildings, and of the recorded performance of unre-
inforced masonry buildings during recent earthquakes is
available elsewhere (Bruneau 1994},

Existing knowledge on reinforced or partiaily reinforced
masenry is not reviewed: current research on improved
determination of various material properties (compressive,
tensiie, shear strengths of growt, mortar, brick and masonry,
friction and bond strength, absorption rates, etc.} is not ¢ov-
ered: studies of behaviour and performance not directly
related to seismic response are not discussed. Findiags excle-
sive to special types of structures {g.g., single-storey masonry
houses or adobe houses) and copstruction (e.g., stone
masonry, confined masonry) are not reported herein. The
special problem of unreinforced masonry used as infill to
reinforced concrete or steel frames is also beyond the scope
of this study.

2. Historical overview

Prior to the Long Beach earthquake of 1933, unreintorced
masonry construction in California was essentially identical
1o that found eisewhere across North America. The potential
seismic vulnerabifity of unreinforced masonry buildings had
been observed long before 1933 in California, but the wide-
spread damage suffered by unreinforced masonry schools
throughout this suburb of Los Angeles during the 1933
earthquake fuelled the necessary public outery and support
to pass California’s Field Act which prohibited the use of
masonry in atl public buildings in the state. Before the end
of 1933, the City of Los Angeles and many other cities had
aiready outlawed all unreinforced masonry bearing wall
construction. Gradually, uareinforced masonry became an
archaic building construction type in California, and there-
after in the other states west of the Rockies. Research even-
wally emerged to develop, improve, legitimize, and promote
structural systems built of reinforced masonry as a new,
more ductile, and seismic-worthy construction, and, for a
long time, little was done to improve the understanding of the
seismic behaviour of unreinforced masonry construction.
Still, Caiifornia was left with a considerable inventory of
unreinforced masonry buildings: Over 10 000 in the Los
Angeles area, 4000 in the San Francisco area, and more
than 10 009 in the rest of California (Seismic Safety
Commission 1991). It is noteworthy that the active con-
struction of unreinforced masonry buildings continued unham-
pered elsewhere throughout the United States and, until a
few decades ago, in seismically active regions of Canada,

Eventually, some cities in California began to appreciate
the magnitude of the threat to life safety posed by the existing
seismically deficient infrastructure, and enacted various ordi-
nances 1o address the earthquake hazards posed by unrein-
forced masonry buildings. Rapidly, the absence of reliable and
accurate analytical models able to correlate with past damage
ahservations. and the tremendous economic penalty ensuing
from conservative safety assessments, pointed to the need for
new research to develop effective seismic hazard mitigation
models for unreinforced masonry buildings. One such mit-
igation methodology {ABK 1984) was developed in the
early 1980s by a joint venture of three Los Angeles con-
sulting engineering firms, Agbabian & Associates, §.B.
Barnes & Associates, and Kariotis & Associates (ABK). It
was developed further to a considerable amount of testing;
although many nenlinear analyses have been conducted by
ABK to validate results, the methodology is still consid-
ered by many as being largely empirical, i.e., fundamen-
tally based on test resulis for given structural materials and
building configurations. The advances in knowledge and
innovations provided by this research effort were substantial,
and were believed to provide more reliable seismic evalua-
tions for unreinforced masonry buildings of a certain type
commoniy found in southern California. Understandably,
the ABK methodology rapidly found acceptance there: it
was adopted in 1987 as an alternate design method for seis-
mic risk evaluation by the City of Los Angeles building
code, and by the UCBC. a code specifically designed 10
address problems germane to existing structures, It was also
endorsed by the ATC-14 (ATC 1987; Poland and Malley
1989}, ATC-22 (ATC 1989a, 1989h), and the NEHRP
Handbook for Seismic Evaluation of Existing Buildings
(FEMA 1992¢) with some minor modifications. These three
documents propose a methodology for evaluating the seismic
resistance of existing buildings in a broader scope encom-
passing all types of engineered constructions; the last two are
in a format compatible with the NEHRP design recom-
mendations (FEMA 1988). Finally, as the NEHRP document
became a model for the CGSEEB. the ABK special procedure
became integrated into the Canadian guidelines. Figure 1
provides a flow chart of this evolution. More detailed infor-
mation on the code structure and seismic ordinance history
of California is available elsewhere (Asakura 1987; Seismic

Safety Commission 1990).

The concepts. research and models developed by the ABK
group are subsequently reviewed, in the perspective of the
CGSEEB. Comments on other research findings which
confirm or expand on the ABK findings are added when-
ever appropriate. Findings on other aspects of the seismic
behaviour of unreinforced masonry buildings needed for
advanced studies beyond the scope of the CGSEEB, such
as dynamic analysis and finite element analyses, are also
reviewed in this paper.

3. Canadian guidelines for the seismic evaluation of
existing buildings — special procedure for
unreinforced masonry buildings

3.1. Purpose

Recent earthquakes have greatly contributed to raising
awareness of the seismic hazards of unreinforced masonry
buildings. The performance of such buildings in North
America is extensively documented in published recon-
naissance reports (Scholl and Stratta 1984, Shah et al, 1984,
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Fig. 1. Evolution of codified unreinforced masonry seismic evaluation procedure.

Reitherman et al. 1984, Kariotis 1984; Adham 19854,
Reitherman 1985; Swan et al. 1985; Esteva 1988; Hart et
al. 198%; Deppe 1988; Moore et al. 1988; Muria-Vila and
Meli 1989; Meli 1989: Mitchell et al. 198%; EERI 1990;
Bruneau 1990; Cross and Jones 1991, Rutherford and
Chekene 1991 Kariotis et al. 1991; EERI 1992, 1993: to
name a few). Generally, with the exception of a compre-
hensive data collection by Rutherford and Chekene (1921)
and a few other reports, damage surveys reported in the lis-
erature tend to concentrate on downtown cores, where the
building stock consists mostly of older unreinforced masonry
buildings, and may thus be biased toward higher damage
(e.g., Shah et al. 1984). Still, in many instances, some unre-
inforced masonry buildings managed to survive earthquakes
undamaged (Hart et al. 1988, Deppe 1988, Freeman 1932),
often next to others that suffered extensive damage. There is
obviously a relationship between the quality of construction
and materials, peak ground accelerations, and damage; fail-
ures have been reported for peak ground acceleration as
low as 0.]1g in cases where the construction quaklity was
very poor (Reitherman 1985), However, some large presti-
gious buiidings of presumably higher quality construction
have alzo been reported to suffer severe damage (Elsesser
et al. 1991). As with other types of construction, the partic-
ular structural characteristics and fayout of an unreinforced
masonry building are responsible for its survival or failure,
An effective seismic evaluation and rehabilitation strategy
must address all of the recognized common failure modes of
unreinforced masonry buildings. These can be regrouped in
the following categories:
* lack of anchorage;
* anchor failure;
* in-plane failures;
* Gﬂi-ﬂf—plaae failures;
* combined in-plane and out-of-plane effects; and

» diaphragm-related failures,

Of these, the potential out-of-plane failure of unreinforced
masonry elements (parapet, vencers, gables, and vnanchored
walls} during earthquakes constitutes the most serious life-
safety hazard for this tvpe of construction. More details and
exampies on the particulars of each failure mode are available
elsewhere (Bruneau 19943,

The current edition of the National Building Code of
Canada (NBCC) (NRC 19901 prohibits the use of load bear-
ing and lateral-load resisting unreinforced masonry in build-
ings located in regions where the peak ground acceleration
or peak ground velocity may exceed 0.08g or .10 m/s
respectively, This effectively bans new unreinforced masonry
buildings from most Canadian cities. Moreover, although
the NBCC is explicitly written for new buildings, many
engineers consider comphiance to the NBCC a minimum
requirement when asked to evaluate the seismic resistance of
existing buildings. On that basis, the above ban automatically
makes noncompliant all buildings built prior o the enactment
of the code. More importantly, it ensures that the NBCC
will not provide any assistance to an engineer who needs
to prevent the above failure modes. Furthermore, disre-
garding the above resirictions, attempts to achieve full com-
pliance with the currently specified seismic force level of
the NBCC for unreinforced masonry buildings can be equally
trustrating, particularly since the CAN3-S304-M Masonry
Design for Buildings (CSA 1984 recommends engineering
analysis based on conservative but simple elementary prin-
ciples of elastic mechanics of materials (coupled with some
semi-empirical refationships to account for stability and
load eccentricity effects). The United States standards and
practices differ litile from the ghove.

Indeed, past evaluations of the seismic-resistance adeguacy
of existing unreinforced masonry buildings have generally
revealed their noncompliance with the Canadian design
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codes and standards. In absence of alternative evaluation
procedures, this verdict has often been misinterpreted as an
indication that comprehensive seismic retrofit works must
be urgently undertaken 10 remedy hazardous conditions.
This approach fails to recognize the limitations in the applic-
ability of modern ¢odes, and their inappropriateness to deal
with archaic materials and construction practices, and has
led already, in some instances in eastern Canada, to the
gutting of the entire interior unreinforced masonry structural
systems of buildings and their reconstruction using con-
temporary situctural systems and materials on which the
“preserved” historical facade was then attached.

The CGSEEB is a document specifically designed to
address problems germane to existing structures; it establishes
acceptable life-safety requirements for buildings that undergo
alterations or changes in use, by offering alternative methods
of achieving safety so that the inventory of existing buildings
can be preserved. The special procedure presented in
Appendix A of the CGSEEB includes comprehensive seismic
evaluation provisions for unreinforced masonry bearing wall
buildings, but stops short of some U.S.A. documents, such
as the 1991 UCBC, which also includes some strengthening
provisions. The CGSEEB. UCBC, and other similar docu-
ments (Fig. 1) formulate a special procedure and methodology
which standardizes the steps of a structural engingering
investigation of the seismic-resistance adequacy of an existing
unreinforced masonry building, and establishes strict guide-
lines against which this adequacy must be gauged. This
methodology includes the following: recommended procedures
for the acquisition of building information, including the
reconstruction of engineering documents (should originals be
missing) and the testing of components; a comprehensive
review of the anchorage of wall elements; an evaluation of
the dynamic stability of anchored unreinforced masonry
wall efements; a lower design lateral-force level than that
of comparable new buildings: a detailed review of the ade-

quacy of diaphragms and unreinforced masonry walls, rec-
ommended capacities for structural elements and materials;
and a progressive abatement of the breadth of the seismic mit-
igation effort for structures exposed to a lesser seismic risk.

Eliminating the possibility of having unreinforced masonry
walls separate from the roof and floors during an earth-
quake, with the ensuing collapse of the structure or parts
thereof, is the cornerstone of the procedure. Thus, should
the absence or inadequacy of existing ties between unrein-
forced masonry walls and diaphragms be discovered during
the structural evaluation, the methodeology automatically
calls for a retrofit requiring at least the instatiation of a new
wall anchorage system. including the bracing of parapets,
Without this structural integrity, the methodology is not
applicable. [t is noteworthy that, based on chservations of past
earthquake damage to unreinforced masonry buildings, this
is a sound practice. relatively economical and easy to imple-
ment, It should be adopted as a minimum measure even by
engineers upgrading unreinforced masonry buildings using
other approaches. The special procedure of the CGSEEB is
also limited to buildings that have flexible diaphragms at
all levels above the base of the stracture, a maximum of
six storeys above the base of the building, and vertical ele-
ments of the lateral force-resisting system consisting pre-
dominantly of walls on at least two lines parallel to each
axis of the building, although an open front on one side
only is permissible for single-storey buildings. While the
UCBC is finding broad acceptance in parts of California
where unreinforced masonry buildings of this architecture are
common, the objective of codes such as the UCBC and the
CGSEER is solely to mitigate the risk of life loss or injuries,
even though any improvement in life safety is invariably
accompanied by some reduction in property damage.
Therefore, indiscriminate application of such a special pro-
cedure to heritage structures may nol ensure a selsmic per-
formance meeting stringent preservation goals.
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The CGSEEB methodology relies on some relatively new
concepts describing the seismic behaviour of unreinforced
masenry buildings. These are reviewed next.

3.2, Load path

The special procedure first assumes that the ground motion
is directly transmitted unmodified to each floor by the end-
walls parallel to the direction of earthguake excitation. This
is equivalent to waying that these walls are infinitely rigid in-
plane. Thus, each floor diaphragm is seismically excited at
its end-ntitachment points to the unreinforced masonry walls
by the original unamplified ground motion. These diaphragms,
in turn, push on the head-walls (i.e., the walls perpendicular
to the ground motion direction, also sometimes referred to as
nogmal walls) which are excited in their out-of-plane direc.
tion, Therefore, the dynamic characteristic of the diaphragms
directly influences the severity of the out-of-plane excitation
of the head-walls and the required strength of wall-to-
diaphragm anchors. Figure 2 illustrates this load path and
its terminology.

The methodology impuoses limits on diaphragm spans (as
expressed by demand-io-capacity ratios) 1o control the sever-
ity of the digphragm-amplified seismic excitations imparted
to the unreinforced masonry head-walls. Similarly, limits
on sienderness ratios denived from dynamic stability concepis
also aim at protecting these head-walls against ou-of-plane
failure. Some of these concepts significantly depart from
conventiopal structural engineering thinking, and can be
controversial,

1.3, Unamplified earthquake excitation of end-walls

This is by far the most controversial aspect of the special
methodelogy. 1t 1s indeed difficult to accept that unrein-
torced masonry walls could be evaluated using an equivalent
static seismic force level lower than that used for the design
of new nominally ductile steel and concrete structures. A
few different explanations are found in the existing liserature
o substantiale this concept. More specifically, they are the
following:

{{/) Foundation uplift effects can attenuate seismic response
down to nearly the input acceleration level {Yim and Chopra
1983; SEAOQC 1986 Nakaki and Hart 1992). In the original
ABK study (ABK 1984}, various walls were modelled as
rigidd elements supported on bilinear nonlinear foundation
springs capable of carrying only compression loads, and
taking impact damping into account. For various wall aspect
ratios (of height-to-width ratio up 1o 1.53) and soil stiff-
nesses, displacement amplifications of less than 10% were
recorded. As flexible walls typically amplify ground motions
fess than rigid walls, i1 was concluded that averall
amplification of ground motion along the height of unrein-
forced masonry walls could be neglected (ABK 1984;
SEAOLC 1991y,

(iiy The pseudo-acceleration response spectrum of a
single-degree-of-freedom oscittator reduces to the peak ground
acceleration value for very stiff structures, sach as low-rise
vnreinforced masonry buildings with substantial walls, a sit-
uation that is conservatively neglected in design codes.
However, this particular reasoning has been challenged by
recent evidence gathered from an instrumented unreinforeed
masonry building which survived the 1990 Loma Prieta carth-
Yuake {Tena-Colunga 1992y where very large amplifications
of the ground base accelerations were recorded at the floor
levels of a two-storey upreinforced masonry building.

¢iii) The intent of the methodology is the mitigation of
damage, not its elimination. Hence, a larger risk can be
aceepted in light of the difficulties and high costs {per square
foot, but alse as a percentage of assessed value) of retrofitting
ordinary unreinforced masonry buildings {Asakura 1987,
Zsutty 1991).

It is noteworthy that for rare and severe earthquake exci-
tations, the force in the walls cannot exceed that ransmitted
by the diaphragms yielding in shear. in addition of course to
the walls” own inertia contribution. In that case, the gov-
erning in-plane loading condition for end-walls is conser-
vatively obtained by considering simultaneous vielding of the
diaphragms at all storeys (SEAQC 1991; Zsutty 1991),

In addition, the CGSEEB recognizes thal masonry struc-
tures on soft soils have suffered more damage in the past
{e.g., Bruneau 1990 Housner 1990) and that important struc-
tures should be designed to a lower anticipated damage
level, by introducing an effective velocity ratio. »', defined
such that

B e <

[ v T 047

where v 15 the zonal velocity ratio. f the importance factor,
and F the foundation factor typically found in the NBCC. The
upper bound limits the design force level to the maximum
used in California, multiplied by the importance factor, The fol-
towing discussion on diaphragms is necessary before the wall's
design force requirements can be presented and vnderstood.

3.4. Diaphragm response

As part of the ABK research program, static and dynamic
tests of floor diaphragms (ABK 198}a) and unreinforced
masonry walls for out-of-plane motion (ABK 198i#4) were
conducted, with a particular emphasis on the acguisition of
data on their nonlinear behaviour and energy dissipation
(ductility) characteristics, These components were selected
in Hight of the limited or abseni knowledge of their ultimate
behaviour, and their considerable impact on the overall seis-
mic resistance of unreinforced masonry buildings. Flexible
diaphragms” behaviour was of particular interest as the out-
of-plane excitation of walls in unreinforced masonry buildings
proceeds through the floor and roof diaphragms,

Fourteen different diaphragms were tested 10 obtain tnfor-
mation on their in-plane static and dynamic, Jinear and non-
linear, properties. Eleven diaphragms tested were of wood
construction, the others being of steel decking either fitled
with concrete or not (Adham et al. 1978; ABK 19814},
Sirong diaphragms in the elastic range are known to respond
essentially as 2% damped oscitlators, producing large
amplifications of up 10 3 or 4 times the inpit accelerations,
velocities, and displacements (SEAQC 1986 Kariotis 1989).
However, flexible diaphragms were found 10 have 2 highly
nonlinear hysteretic behaviour if excited at their edges past
a given threshold of effective peak acceleration, which in
some cases could be as low as 0.1g. This nonlinear behaviour
has a most positive effect in reducing the diaphragm’s peak
accelerations and velocities at mid-span and, in turn, the
out-of-plane excitation of the unreinforced masonry walls.
Typically, it was found that for buildings with crosswalls, and
buildings without crosswalls but within a certain range of
diaphragms’ strengih and spans properties. for input earth-
guake excitations scaled to 0.4g, the possible amplification
of the input seismic velocity at the diaphraem’s midspan
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Fig. 3. Experimentalty obtained velocities superposed on figure of accepiable diaphragm span versus demand-capacily ratio

(adapted {rom ABK 1984).

drops to 1.75. For all other types of flexible diaphragms
considered under the ABK test program, typical amplifications
reduce to 2.0 and 2.25 for roof and floor constructions
respectively, Some experimentally obtained amplification
factors are overlaid on the acceptable diaphragm span figure
of the CGSEER (Fig. 3). Some measured peak relative
diaphragm displacements are presented in a similar format
in Fig. 4. It is noteworthy that the extreme boundary of
that figure corresponds to a diaphragm centre span dis-
placement of 125 mm (3 in.). Numbers in parentheses have
been obtained by nonlinear structural analyses using phenom-
enological models of diaphragms and an assumed crosswall
nonlinear moded, to Hlustrate the effectiveness of crosswalls
in attenuating seismic velocity amplifications (ABK 1984,
SEAOC 1986).

Crosswalls are, exclusively, the wood partitions often
present in most existing unreinforced masonry buildings.
Although their original purpose is nonstructural, if properly
connected at their ends to the floors above and below, as they
often are, they can act as excellent energy dissipators capable
of attenuating the diaphragm’s seismic velocity amplification.
To achieve this result, crosswalls are reconmmended to have a
minimum yield strength of at least 30% of the diaphragm’s
yield capacity (L.e.. to ensure a minimum adequate hysteretic
energy capability) and to be spaced at no more than 12.5 m
§40 feet) from each other in the direction of the span. This
advantage of crosswalls is, however, limited to long-span
diaphragms, as delimited by region | of Figs. 3 and 4.

It is significant that no data exist on the seismic behaviour
of diaphragms excited beyond the range encompassed by
Figs. 3 and 4. In severe earthquakes, it is essential 10 ensure
that the existing structure falls within these boundary Bmits
to avoid the risk of excessive inter-storey displacements

and velocity amplifications. The demand-capacity ratio,
DICR, is a normatized parameter that relates the inertia forces
produced by a 1.0g dynamic response of the diaphragm to its
vield level (note that the Hexible diaphragms considered are
all vielding in shear). For a diaphragm without crosswalls,
DCR can be calculated as

250" Wy
Z v, D

This ratio is not onlike other seismic-intensity-to-yield-
strength normalization factors commonly used in seismic
response studies of nonlinear inelastic structures {Mahin
and Lin 1983). The previously reported seismic input
amptifications of up to 2.25 cbtained experimentaliy in
diaphragms have been interpreted by some {Zsutty 1991)
as being indicative that an amplified elastic diaphragm accel-
eration response of 0.9¢ is expected for an earthgquake exci-
tation of 0.4g. even though the ABK methodology
amplification levels pertain solely to seismic velocities. In the
CGSEER context, the ambiguity disappears, as the seismic
acceleration and velocity zones are mostly proportionally
divided. For example, velocity zone 6 is assigned a velocity
ratio of 0.4 m/s, whereas a peak ground acceleration of O.4g
can be logically expected in acceleration zone 6. Since the
demand-capacity ratio is an arbitrary normalization parameter,
the demand side of the equation was rounded up to 1.0g in
the ABK methodology. or. equivalently, 2.5v" in the
CGSEER. Note, however, that the elastic diaphragm response
value is used mainly for convenience, and that the maximum
inelastic acceleration response of this diaphragm was coin-
cidematly found to be 0.4g for an input acceleration of 0.4¢g
(ABK 1984; SEAOC 1991).

2] DCR =
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Fic. 4. Experimerdally obtained displacements superposed on figure of acceptable diaphragm span versus demand—capacity ratio

(adapted from ABK 1984).

Earthquake Excitation
(PGA = 0.4g)

Fici. 5. Free-body diagram of yielded diaphragm and cross-
wall system.

As au alternative way o undersiand the demand-capacity
ratic concept. Zsutty (1991) expressed it as a ductility ratio
such that

my(1.0g)  1.OW,  2.5v'W,
2V Yubo D

where the ratio of the maximum elastic displacement, &'
1o the yield displacement, 8. can be related to the elastic
response force level, Fy., over the yield force level, F'. much
like what is done conceptually to derive seismic force reduc-
bon factors. From this, the use of free-body diagrams
bgcomes possible, as shown in Fig. 5. Isolating the vielding
diaphragm subjected to an inertia force of 1.0¢ (demand), the

Fic, 6. Free-body diagram of yielded super-diaphragm and
crosswall sysiem.

reacting capacities can be easily summed up to produce the
above gquation.

When crosswalls are present, the demand-capacity ratio,
DCR, can be similarly calculated as
2500,

ZVUD + p::b

where V¥, is the total shear capacity of crosswalls in the
direction of analysis immediately below the diaphragm level
being investigated, as shown in Fig. 8. For diaphragms in a
multistorey building with qualifying crosswalls in all levels,
a super-diaphragm concept can be formulated by assuming
all digpbraems above the level under considerstion o he

[47  DCR =
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Fii. 7. ABK's test results for out-of-plane dynamic stability response of unreinforced masonry walls and regression analysts
curves for 30% probability of survival. (The numbers are overburden to wall weight ratios; SRSS denotes the square roet of the sum

of the squares.)

vielded {i.e., 2Zv ). along with the crosswalls in a single-
storey, as schematically illustrated in Fig. 6. This concept
reflects thay qualifying crosswalls, although weak, are usually
much stiffer than the diaphragms and will not deform
significantly when spanning between two diaphragms.
Obviously, in that case, the demand-capacity ratio, DCR, is

2.5¢'3 W,

ZZ l‘“[) + V::h

The demand—capacity ratio muost obviously be calculated at
each level (including the roof) for the set of diaphragms at
and above the level under consideration. Other than DCR
calculations, conventional diaphragm analysis is not required
by the CGSEEB.

It is noteworthy that failure of the flexible diaphragm
itself s rarely observed following earthquakes. This could be
attributed 1n part 1o the tendency of earthquake reconnaissance
teams to report observations made mostly from the exterior

[5} DCR =

of buildings. In most cases, damage to the diaphragm itself

would not impair its gravity load carrying capacity, However,
since very flexible floor diaphragms could also behave as
deep beams spanning between unreinforced masonry walls,
the in-plane rotation of the diaphragm’s ends can induce
damage at the walis’ corners. This form of damage is
neglected by the special procedure, since it has no impact on
life safety. More importantly, though, the absence of a good
shear transfer between diaphragms and reaction walls can
also account for damage at the corners of walls, especially
in long narrow buildings for which the diaphragm in-plane
shear forces cannot be transmitted over the small leagth of
wall; the diaphragm will instead find its support by pushing
on the unreinforced masonry walls in the transverse direction,
a dangerous condition,

Finally, an empirical equation has been proposed to cal-
culate the equivalent diaphragm length and the demand-
capacity ratio of single-storey open front buldings. However,
the author has not been successful in finding convincing
analytical or experimental evidence in the existing lterature

to validate this concept, This concept is presented elsewhere
{(NRC 1992; ABK 1984 SEAQC 19863

3.5, Out-of-plane wall response — dynamic stahbility

154, Concept

Joist-to-wall anchors provide out-of-plane support o the
walls. If preseat in sufficient numbers and strength, these
anchors will transform the out-of-plane behaviour of the
unreinforced masonry walls, from tall unrestrained can-
tilevers {0 shorter one-storey high panels dynamically excited
at each end by the foor diaphragms. Unreinforced masonry
buildings are most valnerable to flexural out-of-plane failure.
Furthermore, whereas an in-plane failure often does not
endanger the gravity load carrying capabilities of a wall,
an unstable and explosive out-of-plane failure could.

Parapet fatlures fall into this category. These nonstructural
unreinforced masonry elements behave, f unrestrained, as
cantilever walls extending beyond the roof line. Being located
al the top of buildings, they are subjected to the greatest
ampiification of the ground motions, and are consequently
prone to flexural failures. Gables of churches and other
buildings, when improperly anchored to the roof, behave
much like parapets. Multi-wythe walls improperly bonded
along their collar joint (e.g., no or discontinuous mortar)
are also extremely vulnerable, each wythe acting indepen-
dently as an individual thin wall. The exterior layers without
contact to any other structural components will usually fail
first, at a very low level of seismic excitation. This 5 also
teue for unreinforced masonry vengers,

The concept of dynamic stability is relatively new. It was
developed following extensive testing and analytical work
and was first introduced in the ABK methodology to assess
the out-of-plane seismic resistance of unreinforced masonry
wails (ABK 1981q, 19818, 1984: Kariotis et al. 19835 Adham
1985h). It was formulated following cbservations that unre-
inforced masonry walls properly anchored 1o ficors and roof
diaphragms can resist more severe earthquakes than otherwise
predicted by traditional static analysis methods. After crack-
g, portions of 4 wall behave as rigid-body mermbers rock-
ing on the wall's through-cracks; if gravity forces are sufficient
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Fic. 8. ABK's regresston analysts curves for 98% probability of survival for out-of-plane dynamic stability response of unreinforced
masonry walls (calculation of permissible Hmits: SRES denotes the square root of the sum of the squares).

Tante b Limit of height-to-thickness ratios as per different sources, in their most severe
seismic zome {i.e.. typically in regions mapped at 0.4g peak ground acceleration for
o HM% probability of exceedence in 30 vears)

Buildings of DCR* and spans
as specified for limited

velocity amplification of 1,75

All other buildings

UCBC uCsC
ATC-22 ATC.22
NEHRP NEHRP
Condition Needed ABK  CGSEEB  Needed ABK  CGSEEB
Walls of single- 22 20 16 18 14 13
storey buildings
Muhtistory buildings
First storey walls =30 28 16 25 24 15
Top storey walls 14 14 14 9 9 G
All other walls 25 24 i6 15 15 13
Parapets o 1.5 1.5 e 1.5 1.3

*HCR denotes demand-capacity ratio,

"That is, i region 1 of DCR figute if crosswalls are present, or region 2.

o prevent overturning of these individual bodies through
the entire earthquake, a condition of dynamic stability exists.

1.5.2. Experimental validation

Three walls of threg-wythe common brick, five of clay
block, and twelve of concrewe blocks, of height-to-thickness
ratios ranging from 14 to 23, were tested under dynamic
out-of-plane excitation of progressively increasing intensity,
for a total of 194 tests. Actuators, located at the top and
bottom of the walls to be tested, imparied themw dynamic
displacements tme-histories. Nonlinear analyses of buildings
were conducted, assuming rigid in-plane response of unre.
inforced musonry efements and taking advantage of the non-
Winear hysieretic properties of flexible diaphragms. to derive
sets of dynaniic displacement time-histories (Asakura 1987),
The magnitude of the compressive gravity load (overburden)
stmultaneously applied was also varied. Selected data POIHS

extracted from the ABK results (ABK 19810 are presenied
in Fig, 7. The lower and higher points 1 each daia set indi-
cate the last dynamically stable and first dynamically unstable
points obtained as earthquake intensity was increased.
Numbers next to each set represent the magnitude of over-
burden weight 1o seif-weight of the walls tested. From these
tests, increases in peak seismic input velocities av the base
and the top of the walls were found to be detrimenial to
their resistance against out-of-plane collapse, whereas larger
compressive loads were favourable. Input velocities bear a
direct relationship to the seismic energy imparted to the
system. However, for convemence. to systematically account
for both the wall’s top and bottom contribwtions w velocity
excitation, the square root of the sum of the sguares of these
velocities is selected as the descriptive parameter. Finally, wall
slenderness was found to be significant. but type of con-
struction was not.

[
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Fic. 9. Typical hysteretic curve of applied out-of-plane shear force versus top wall displacement for rocking wall (Prawel and

Lee 19908

From these data, nonlinear regression analysis was con-
ducted. The results for a 50% probability of survival are
plotted on top of the data in Fig. 7, and for a 98% probability
of survival in Fig. 8. The latter curves were used to develop
the slenderness limits provided in the special methodology
(Table 1), assuming the following: a peak ground velocity of
0.3 m/s (12 in/s), the ABK diaphragm velocity amplification
factors previously reported, and an overburden (/W) of O
at any top storey and 0.5 elsewhere. In the ABK method-
ology, an upper bound value of 20 was adopted, even when
higher values could be justified by dynamic stability concepts,
(o respect the limits specified for the empirical design of
pew masonry buildings (e.g., ICBO 1991b: ACI-ASCE
1988). With few exceptions, these limits have been further
tightened to various degrees whea adopted by the UCBC
and subsequent methodologies.

It should be clear that the above procedure is applicable to

walls able to dvaamically stablv rock as a single unit. This -

explains why the CGSEEB requires that all wythes be ade-
quately interiocked by header bricks and collar joint.
Otherwise. A/t ratios of individual wythe should be used {if
properly anchored to each diaphragim).

Other researchers have experimentally corroborated the
validity of the dynamic stability concept. In one study,
Prawel and Lee (19905) applied both static cyclic shear and
dynamic shake-table excitation in the out-of-plane direction
of unreinforced brick masonry walls under heavy compressive
loading: these walls were fixed and pinned at their base and
top respectively. They reported that (5 following the onset
of the first horizontal full-width crack, additional loading
was required to propagate that crack through the thickness
and initiate a rocking rigid-body motion about the horizontal
cracks; (i} in some cases, 25% reserve capacity existed
beyond first cracking, with lateral displacements reaching
twice the cracking value at that capacity; and (iir) although
the material itseif is brittle, rocking produced hysteretic
behaviour with recorded maximum lateral displacements up

350 ¢
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£16. 10, (2) Cut-of-plane wall top displacement versus peak
ground acceleration of the seated Lima 1970 N&2ZW carthquake;
(b} peak ground acceleration of that same earthguake at out-of-
plane failure, as a function of wall sicnderness (adapied from
Barioka et ab. 19901
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FiG. 11, Out-of-plane dynamic stability concept and equations, including location of applied forces and reactions. contact sur-
face at mid-beight, and equilibrium of forces on rigid-body wall segment (adapted from Priesticy 1985).

1o five times the cracking displacement. Figure 9 attests 1o
this energy dissipation.

Bariola et al. (1990) also performed shake-table tests of
unreinforced clay-brick walls: the walls were free-standing
cantilevers of variable thickness (120 and 250 mm) and
slenderness (8 to 16). Seven specimens were excited in their
out-of-plane direction by the Lima 1970 N82W garthquake
record, scaled to progressively higher intensities. With
increasing earthquake severity, the seismic response of the
walls evolved from a purely elastic cantilever response to 2
rigid-body rocking mode subseguently to cracking at their
base; ubtimately, walls collapsed by overturning. The out-
of-piane rocking of the tesied walls was considerable and
sometimes allowed them to survive earthguakes more than
four times more intense than those that caused cracking, as
Mustrated in Fig. Ha (in that figure, the elastic displacements
are imperceptible in comparison with the large inelastic
rocking displacements). No precise correlation conld be
seen between the peak ground accelerations that produced
failure and the slenderness of the walls. Finally, for a given
height-to-thickness stenderness ratio (A1), thicker walls can
apparently survive more severe earthquakes, not only from
a sirength of mechanics uncracked point of view, but also in
their post-cracking range as their rocking behaviour seems
more stable (Fig. 10b). These experimental results add cred-
ibility to the dynamic stability concepts.

3.5.3. Supplementary analvtical approach

Priestley (1985) proposed an alternative hand-calculation
method based on energy equivalence to predict the dynamic
out-of-plane wall stability. Assuming in-phase foor accel-
erations and a condition of average constamt acceleration
acting on walls conservatively taken as spanning in a simply
supported fashion between storeys, simple relationships of
static equilibrium were developed on the rigid-body wall
segment post-cracking, as shown in Fig. 11. Essentally, in
this method, the location of the gravity forces (overburden.
P, and wall self-weight, W) along the wall, and the reaction
forces necded for stability, must be located and calculated,
th¢ width of the bearing surface at mid-span must be deter-
mined from equifibrium conditipns, the dispiacement con-

ditions for instability must be established from geometry,
and finally, the formulation of equilibrium equations allows
the expression of the inertia forces as a function of all other
variables. The key equations resulting from all these steps are
presented in Fig. 11

The relationship between the wall’s acceleration (i.e.. iner-
tia force) and its displacement at mid-height is described
as nonlinear elastic; it draws a linear curve until first cracking
of the wall, reaches a maximum acceleration corresponding
to a poimt of maximum static stability, and progressively
refurns to zero under much larger displacements. Since the
area under this curve is associated with the total energy
needed 10 fail the wall, Priestley suggested that a linear
elastic model, whose ultimate limit would be selected to
vield the same energy to failure as the actual nonlinear
model, would be a good indicator of dynamic stability, It
is thus assumed that if no single pulse of excitation requires
an energy exceeding that required statically to produce col-
lapse, then stability s ensured.

In a comprehensive illustrative numerical example of this
method as applied to a five-storey unreinforced masonry
building, Priestley found that high values of floor accelera-
tions were needed to produce failure, provided that good
guality masonry and positive anchorages of walls to floors
and roof were present. The possible amplifications of the
ground acceleration along the height of the building, as nor.
mally done with standard buildings, were considered in that
example, contrary to the CGSEEB recommended special
procedure. Also, while the ABK research dismissed the pos-
sible impact of vertical accelerations on the seismic per-
formance of unreinforced masonry buildings, because of
their frequency content particularities (Kartotis et al. 19838),
Priestiey elected to reduce gravity loads by an arbitrary
allowance o account for these vertical accelerations.
Assuming that response is dominantly driven by the first
fundamental vibration frequency, Priestley found that lower
overburden and less thickness at the top storey of tall bearing-
wall structures, where the largest floor accelerations also
occur when amplification is assumed possible, make the
out-of-plane failure of unreinforced masonry walls more
probable at that top level, as frequently observed followinz
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carthquakes. This appealing equivalent-energy method remains
1o be verified expenmentally.

3.6, In-plane seismic loading of unreinforced masonry walls

Once it is understood that unamplified ground motion is
applied at the diaphragm’s edges, the in-plane seismic loading
condition acting on walls simply becomes the inertia force
produced by the tributary mass times the base ground accel-
eration, or simply the zonal acceleration factor {or zonal
velocity in the Canadian system) times the tributary weight.
Morepver, the reactive contribution of diaphragms obviously
cannot exceed that produced by diaphragm shear vielding.

Conseguently, for buildings without crosswalls, the wal}
storey force distributed to a shear wall at any diaphragm
level, F,,, is

ibl FQ\;.): = V)(W’ux + Wd/z)
bt need not exceed
[7] F‘W.{ = L’!’»“’?\"-‘l ‘+- VHD

For buildings with crosswalls ar all levels, the value of F
is 75% of that calculated by 6, to account for the damping
and drag effects of the crosswalls, but need not exceed

v, 2

)

81 K

WY

= 075 W,, + ZWG{

or
9]  F,, =075"W,, + v,D

where W, is the totat dead load tributary to a diaphragm,
including walls perpendicutar to the direction of metion,
SW, is the total dead load wributary to all of the diaphragms
at end above the level under consideration; W, is the dead
load of unreinforced masonry wall assigned 10 level x halfway
above and below the level under consideration; v, and D
are respectively the unit shear strength and depth of the
flexible diaphragm,; and 22w, D is the sum of shear capacities
of both ends of diaphragms coupled at and above the level
under consideration for diaphragms coupled with crosswalls,
These equations are self-explanatory in light of Figs. 3 and 6.
Obviously, the wall storey shear is equal to the sum of the
wal storey forces at and above the level under consideration,
as in usual codified seismic analysis,

3.7, In-plane seismic resistance of unreinforced masonry
wels

Excessive bending or shear may produce in-plane failures,
depending on the aspect ratios of the noreinforced masonry
elements. For unreinforced masonry walls, shear in-plane
failures are commonly expressed by double-diagonal (X)
shear cracking. Fortunately, until the shear cracks become
unduly severe, the gravity load carrying capacity of the
walls is not jeopardized. In masonry facades having numerous
window openings, spandreis and the short piers between
those spandrels may also fail in shear. Usually the failure
of one modifies the structural behaviour significantly enough
to preclude that of the other

Flexural failure of these struciural elements is also possible,
particularly for slender unreinforced masonry columns; the
resulting cracking at both ends of an unreinforced masonty
element transforms it into a rigid body of no further lateral
foad resisting capacity, unless gravity forces can provide a

stabilizing effect. In light of this behaviour, a number of
analysis sirategies appear possible, as explained below.

2.7 1. Piers-only models

First, a legitimate, yet conservative, model 18 to assume that
the spandrel beams in a perforated wall will crack under a
very fow lateral foad, leaving the piers alone 1o resist the
tateral loads (solid-pietferacked-spandrel model). In this
case, unreinforced masonry spandrels either behave as beams
or deep-beams, failure initiating when the flexural stresses
exceed the tensile strength of the brick at one course from the
beam'’s bottom surface (the cracking of the lowest course
being governed by the weaker tensile strength of the mortar)
or when the shear stresses at the head joint near the beam’s
end exceed the mortar’s bond strength, whichever comes
first, as demonstrated by Abu-El-Magd and MacLeod {1980);
in both cases, the failures are brittle. The behaviour of unre-
inforced masonry spandrels is thus completely characterized
by the tensile and shear bond strengths, the teasile strength
of bricks, and the relative depth {1.e.. geometry) of the spandrel.

This approach is not unlike that recommended by some
researchers for the anaiysis of reinforced masonry walls
having numerous openings, where the masonry above and
below the openings is neglected (Englekirk and Hart 1984).
Although this models the structure at its ultimate state if
the spandrels are shallow or not well connected 1o the piers,
it immediately assumes a structure in #ts degraded condition,
neglecting the potentially larger capacity of the structure
before cracking. Analytical seismic-performance assessments
of existing structures known to have survived major earth-
quakes have proven this approach to be excessively con-
servative {Boussabah 1993).

3.7.2. Wall models

Walls, or piers if the spandrels of perforated walls are
deep and (or) of short span, may fail in flexural cracking,
shear cracking (diagonal tension), or compression crushing.
Traditionally, design standards recommend a po-tension cri-
terion for the design of unreinforced masonry walls in
flexure, or alternatively, in the absence of significant axial
compression, the design is governed by the allowable tensile
stresses, f,. Resistance to shear stresses is checked inde-
pendently, against an allowable shear stress enhanced by
the presence of axial compression, if present (Bruneau 1994),
Thus, in those cases, elementary equations of mechanics of
materials are used, as illustrated in Fig. 12q. Fortunately,
a number of other models of this behaviour are suggested in
the existing literature,

3.7.2.1. Shear failure

Many reseacchers (e.g.. Mayes and Clough 1975 Turnsek
et al. 1978; Zingali 1986) have nsed a shear failure criterion
directly related 1o the diagonal tension capacity by principal
stresses relationships. Directly from Mohr's circle, for an
unreinforced masonry panel in pure shear by diagonal tension,
the normal tensile stress capacity, o, of masonry is equal
1o the maximum shear stress at fatlure. 7,,,, where 7, =
1.57,,,,, fOr a tectangular cross section and T, is the max-
tmum average shear stress (Fig. [2a).

The ultimate shear capacity of this same unreinforced
masonry panel, stressed in combined shear and axial com-
pression by earthquake excitation and gravity loading respec-
tively, is also amenable to a single expression. Using the
well-known classical expression for principal tensile stresses
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Fro. 12. Hand-calculation-oriented models of the in-plane response of unreinforced masonry walls: {a} state of practice; (b} prin-
cipal stresses at panel centre; (¢) ABK's dynamic restoring shear formulations; (4) Epperson and Abrams finear compression model

on uncracked base.

(Gere and Timoshenko 1984), and knowing that the principal
tenstie stress, o, cannot exceed the tensile siress capacity,
o, of the masonry for a given magnitude of the applied
mean compressive axial stress, a,, the peak value of the
shear stress, 7. that can be sustained at the centre point of
the unreinforced masonry panel (Fig. 12b) before cracking
initiates is

i a
\{"’“5@') P =0, = Ty, = L3 ean

[10} T, l’m'-*“‘z**'-*"f‘

Rearranging these terms,

S j pn
11 4w AT !; - =2 = 1.57 ' -t
(1 3 l o, meas \,i F57 e

The maximum lateral toad, V, that could be applied to this
panel would then be

T, A

[12] VvV = y

Far clarity, it is worth re-emphasizing that v, (and corre-
spondingly L.57, ..} is the fundamental shear stress capacity
of masonry in pure shear {i.e., a material property}, whereas
%, 15 the maximum shear stress that can be applied on a given
panei already stressed by an applied gravity load. Obviously,
in this pmcedurs’: the other Hmiting conditions of flexural
cracking ang compression crushing at the extreme fibres of the
piers would again need to be checked independently.

Some researchers (Sinha and Hendry 1969, Mayes and
Clough 1975) have recommended that both the usual
Coulomb friction shear strength equation (l.e., the one present
in North American codes) and the above formulation be
checked: The first reflects that bond and friction between
the mortar joints could potentially govern at low axial com-
pressions, whereas for high bond mortar and (or) higher
axial loads, only the second would be applicable. Recent
experimental evidence (Magenes and Calvi 1992) indirectly
conftrms that {11} is of questionable accuracy when failure
{under cyclic testing) develops through the mortar joints,
[n addition, Samarasinghe et al. (1981) cauvtioned that the
Coulomb equation is reliable only for panel geometry having
length {L} to height (H) ratios in the range 1.2 < {/H < 2.0,
as verifted both experimentally and analytically.

3.7.2.2. Flexural rocking failure

The above formulations implicitly postulate that shear
strength is exhausted at the onset! of first cracking. This
need not be the limiting condition under flexural cracking,
considering, even staticaily, the stabilizing effeet of axial
loads. Equations have been proposed 10 assess the ultimate
strength of flexurally cracked piers having reserve shear
strength capacity. ABK {1984} recommended the following
expression for the dvoamic restoring shear capacity, Vi, of
unreinforced masonry piers:

[13] V¥ = 691@

where P 1s the axial load on the pier, and D and H are the
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pier width and height respectively, as shown in Fig. 12¢
fthe pier’s self-weight is neglected in this equation). The
value of 0.9 is recommended based on experimental results.
For walls having non-negligible self-weight, P, the alter-
native equation:

4] v - 0o PFOSR)D
. R “""‘“"‘""““"““““H

is rnore proper, where 0.5 is the smalier lever arm applicable
to that wall’s weight. The above two equations have been
integrated into the CGSEEB, consistently with the other
dynamic stability and ultimate behaviour models adopted
there. Alternative equations have been suggested by others
(Priestley 1985) with the assumption that the bearing zone
resisting overturning is, at uitimate, under a uniform com-
pression of 0.85f7,, with practically equivalent results.

In this case, the presence of an axial compression force
plays a determinant role in the performance of voreinforced
masonry walls — it contributes to their overall stability
beyond flexural first cracking. ABK (1984) were apparently
the first to experimentaily investigate this behaviour, con-
ducting static and dynamic in-situ tests on parts of an unre-
inforced masonry building scheduled 1o be demolished. In sta-
tic tests, a stable rigid-body rocking motion that attempts
to develop following first flexural cracking is restrained if a
sufficient axial compressive load is present. The pier's lateral
load resistance is greatly enhanced by this effect, and the
compression capacity of the masonry in the uncracked bearing
area becomes the limiting factor, unless overturning oceurs.

Epperson and Abrams (1990) also studied the combined
effect of shear, flexure, and axial compression, testing piers
extracied from an existing 70-year-old unreinforced masonry
building. Although the specimens were stocky, their pre-
dicted flexural cracking strength was less than their shear
cracking strength. These experiments confirmed that. in spite
of initial Hexuoral cracking at a wall's base, if the gravity
compressive toad stabilizes a wall against overturning aod the
compressive strength of masonry is not exceeded at the
wall’s toe, the appiied lateral load can be increased until
diagonal cracking occurs. Incidentaily, for walls with a
height-to-width aspect ratio ranging from 0.6 to 0.9, flexural
cracking occurred on average at approximately 60% of the
wall's ultimate strength under lateral load. The recorded
lateral load versus top displacemnent curve, under monotonic
loading, was highly nonlinear.

Prawel and Lee (1990a) studied unreinforced masonry
walls with larger aspect ratios in which only flexural failure
would occur, In both static and dynamic shake-table tests,
flexural faiture ensued from the development of an inidal
crack at the base of the wall, rapidly propagating across the
full width and allowing noticeable rigid-body rocking and
sliding along the horizontal crack surface. The sliding friction
dissipated energy and produced an apparent ductility (of
2.25 on average}, all while preventing significant loss of
capacily past first cracking.

Implied above is that resistance against compression crush-
ing at the wall's toe was not exceeded. Epperson and Abrams
(1990) suggested that, for walls flexurally cracked at their
base, the compressive strength of masonry at the wall's toe
could be reached before overturning and diagonal tension
(shear) failures. Assuming a linear distribution of stresses over
the uncracked portion of the wall base, as itHustrated in
Fig. 124, and neglecting masonry’s tensile strength, the

V vn‘- (typ) -————b’r/ﬁ‘g\
Y N
vV %Rmp) N

Rl e

Vy <V, for all piers
Vg = L Vy = L PD/H

V, = Rocking Failure Mode
V, = Shear Failure Mode

AUNL!M!TED

Fig. 13, Calculation of rocking failure mode resistance for 2
group of walls or piers (adapted from Lambert 19911,

expression derived from statical equilibrium to check for
this maximum compressive stress at the wall’s toe is

2P )
(5F  fow = =775 < fa
ME

2 F,

where P is the sum of the vertical compressive force acting
on the wall; b, d, and h are the wall's thickness, width, and
height respectively: H is the applied horizontal force; and Fi
the ultimate compressive capacity of masonry. An adaptation
of that result into 2 design format illustrated that the ultimate
capacity of unreinforced masonry walls failing in flexure
could be as high as three times that given by current codes,
and ductile instead of brittle {Abrams 1992). An e¢quation
was also proposed to consider reductions in shear strength
attributable to the loss of effective wall area as a result of
Bexural cracking.

Finally, in the absence of axial compressive forces, unre-
inforced masonry piers with extremely large height-to-width
aspect ratios would behave brittle linear elastic in bending,
i.e., first cracking coincides with complete failure, as verified
by Davidson and Wang (1985).

3.7.2.3. CGSEER masonry wall resisiance

To provide a reliable assessment of the seismic resistance
of an existing unreinforced masonry building, the shear
resistance of its material must be measnred on-site. This
requires the use of procedures much different from those
used in traditional laboratory masonry testing, and conse-
quenily, the resulting shear strength gguation used in the
seismic-adequacy assessment will be different as well. The
procedure for the CGSEEBR-recommended in-place shear
test {also called push test} is described at length in that doc-
wment, and need not be repeated here. The adopted equation
for the shear strength of existing masonry walls i3

[16] v, = C{Cav, + P/A) = 0.56v, + 0.T5P/A
where €, is a calibration constant laken as 075y 08 a

reduction factor used to adjust test values in order 10 account
for the probable and unavoidable bounding effect of the
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Fic, 14, Calculation of resistance for a group of walls or piers
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piers resist loads in proportion to their stiffaess and {a) shear
failure in at least one pier occurs first, (b)Y rocking failure in at
least ane pier occurs first, and i) a much weaker rocking pier is
neglected from calowlations {adapted from Lambent 1991}

collar joint during the in-place shear test, and also taken as
0.75, b1 18 the basic bed-joint shear stress which is exceeded
by 80% of ali the on-site test values when the effect of axial
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stresses is discounted; and P is the superimposed dead load
at the top of the pier or wall under consideration, The value
of €, was obtained by correlating together in-place test
results. full-size on-siie tests of walls, and finite-element
analyses results, It partly reflects adjustments needed to
account for the variability of workmanship. The conservative
20-percentile value of v, reflects the fact that shear failure is
imitiated at the weakest flaw in a wall (ABK 1984, Asakura
1987; Kariotis 1989). The CGSEEB reguires that unrein-
forced masonry be removed or pointed and retested if the
obtained v, is less than 0.2 MPa. Furthermaore, v should not
be taken as greater than (.7 MPa in {16]. As obtained from
strengtih of material principles, shear resistance for a wall
tailing by diagonal shear cracking is

17} V, = v, D15

where D and 7 are the width and thickness of the wall, As
discussed carlier, the CGSEEB also recognizes that walls
can also rock prior to reaching their limiting shear siress,
as defined by [13] and {14].

Finally, for a group of walls or piers acting as a single
end-wall at a given level, a methodical strategy is provided
by the CGSEEB 1o determine the global behaviour of the
eroup. Conceptuatly, three cases are possible (Lambert 1991

€7y f all walls or piers can develop a rocking mode, V.
prior to reaching their shear-stress fatlure, Vi, as illustrated
in Fig. 13, then a stable rocking mechanism for the end-
wall group is possible, with the total force distributed 1o
gach wall or pier in proportion of their rocking strength
(i.e,, PD/H)Y, Moreover, considering that the restoring
force~displacement relationship dissipates energy in a stable
manner, the sum of the rocking strengths need be able to
resist only 60% of the apphed ioad. V. The upper limit
of stable rocking behaviour, reached whenever shear failure
ocours becanse of flexoral cracking-induced loss of effective
area {Abrams 1992} or when overturmng of the wall or pler
occurs, is not considered by this methodology o be within
the practical range of seismic response.

(ify If the shear resistance of at least one wall or pler is less
than its rocking resistance, then the total shear force applied
10 the end-wall group must be shared by all resisting struc-
tural elements in proportion to their D/H ratio, provided
that no etement is loaded beyond tis shear {V,) or rocking
{ Vi) resistance. This is llustrated in Figs. 14a and 14b, the
latter depicting an inherent conservativeness to this approach
when piers start to rock at a lesser displacement than needed
to produce shear fatlure of any other pier. The approximate
stiffness distribution (D7) assumes that shear deformations
in the masanary wall or pier dominate their response (ABK
1984; SEAOC [986).

{#ii) As an extension of case (i), and taking advantage
of the stability of the rocking failure mode, any wall or pier
whose calculated share of the shear force Toading the end-wall
exceeds its rocking resistance could be neglected in a sub-
sequent reanalysis. As ilustrated in Fig, lde, this could
prove advantageons in situations where a few much weaker
rocking-capable plers are present.

A flow chart of this decision process is also available
elsewhere (SEAQC 1986; Seismic Safery Commission 1990;
Lambert 1991},

2.7.2.4. Shear-ductile failures
A large number of static tests have been carried out on
unreinforced masonry shear walls in the past, as reported
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by Page et al. (1982). Most of these experimental investi-
gations were aimed at establishing or verifying analytical
failure equations, often those of the interaction of shear and
axial stresses under static monotonically applied loads more
representative of winds than earthquake loadings.
Consequently, in most design codes and standards, including
the CGSEEB when rocking faiture does not prevail, a brittle
failure is generally anticipated once altimate shear stress
resistance is exceeded. However, there is evidence that
ceismic-induced shear failures can also be ductile under
some conditions.

Mengi and McNiven (1936} performed shake-table tests of
an assembly of twe parailel walls repeatedly subjected to
the 1940 Ei Ceniro earthquake scaled to a progressively
increasing intensity, from an excitation level producing lin-
ear elastic response to one where the walls could not sustain
any additional damage. They observed that first cracking
alone was not a realisuce shear failure criterion under dynamic
loading for this particular specimen. A post-cracking stable
behaviour was found to exist untii lateral deformations
reached twice those corresponding to first cracking: this
required a 38% increase in the peak ground acceleration of
this earthguake record. Damaged walls were found 1o be
still capable of elastic behaviour, albeit with a reduced secant
shear modutus, GG, and an increased damping coefficient, &
An ensuing equivalent linear model using these modified
propetties will be reviewed in a later section.

Recent tests by Konig et al. (1988) studying the in-plane
post-cracking dynamic cyclic behaviour of unreinforced
masoary shear walls demonstrated that, when cracking passes
by the bed joints in a diagonal jagged pattern across the wall,
the separated portions of the wall can slide onto each other,
resulting in large relative deformations (with ductilities of
up 1o 4 and little strength degradation (since this ultimate
capacity is governed by friction resistance which remains
nearly unchanged) before failure. For normal bricks, this type
of failure occurs if the axial load is low; it may also ocour
under moderate axial foads if the ratio of the masonry strength
to mortar strength is higher, as would be the case with solid
masonry units. A typical hysteretic plot of the wall top dis-
placement under cyclic shear forces is presented in Fig. 15.
Under higher axial foads, the friction resistance of the bed
joints is proportionally increased, and cracking occurs instead
through the masonry units if the principal stresses locally
exceed the tensile strength of the units, As & result, the indi-
vidual separated portions of the walls tend to slide, with lit-
tle apparent duculity, downwards along the more regular diag-
onal cracks. Finally, under very high axial loads, the resulting
large compressive principal stresses i part of the wall lead to
an explosive-type failure before the occurrence of any shear
cracking, and obviously without any plastic deformability.
These tests, as well as some others recently reported (Magenes
and Calvi 1992), also validated 2 previously suggested and-
lytical model of this sheat strength dependence on the mag-
nitude of the axial loads {Mann and Muller 1982).

Finalty, results reported by Abrams (19921 further confirm
the existence of hysteretic shear behaviour in vareinforced
masonry walls, with stable and extremely farge deflections
{more than seven thnes those observed at peak load) attrib-
utable o considerable sliding (up to 25 mm for some bricks)
along the bed joint. '

3.8. Anchorage
In many unreinforced masoary buildings, there is a total
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SHEAR FORCE {kN}

-12 -8 0 6 12 18
HORIZONTAL TOP DISPLACEMENT
Fio. 15, Typical hysteretic curve of applied in-plane shear
force versus top wall displacement. for cracking occurring in
mortar enly (adapted from Konig et al. 1988)

absence of positive anchorage of the floors and roof to the
snreinforced masonry walls. In the absence of positive
anchorage, the exterior walls behave as cantilevers over the
total building height. The risk of wall out-of-plane failure due
to excessive flexural stresses at the base of the wall obviousty
increases with its height, but more imporiantly. global struc-
tural failure can result from the slippage of the joisis and
heams from their supports, Moreover, joists-to-wails anchors,
when present in unreinforced masonry buildings, are of
many different types, and their presence is often unrelated to
seismic concerns. Thus, anchor failure is equally likely.
While the metal of the apchor may fail, rupture may aiso
sccur at the conpection points, i.e., the anchor could shear
loose from the framing member at one end, or be pulled
off the masonry at the other end. The details of these modes
of rupture obviousky vary with the rype of anchors used.
Essentially, anchors must be shear resistant in order to
solidly connect the diaphragm to the end-wall, and tension
resistant in order to anchor walls to the diaphragms in their
sut-of-plane excitation direction. Based on the aforemen-
tioned description of the structural behaviour of unrein-
forced masonry buildings, it is clear that the minimuin shear
connection force to transfer should be the lesser of

18] V,=v'Wy2 and V,=vD
and the minirum tensile anchor strength should be
[19] V= 2.5v'W,

where W, is the wributary weight of connected masonty. cal-
culated from the mid-height of the storey above i© the mid-
height of the storey below. These requirements, as well as
others that would ensure an overall good distribution of
anchors. are included in the CGSEEDB. Finally, becavse of the
visk of “loosing” anchors embedded in the opening crack
plane of walls rocking out-of-plane, through-wall anchors
with plates are o he used whenever possible (Asakura 1987)

1.9, Final observations on the special procedure

it is tacitly usnderstood that, as a trade-off for economic fea-
sibility. the special procedure has been developed to pro-
vide a reduced design level and 2 higher risk of failure.
However, this has been done in a context wherg struciures
which would otherwise have been teft unaltered had to
undergo a seismic evaluation in order to comply with special
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seismic hazard mitigation ordinances. This situation does
not vet exist in the Canadian context, where buildings that
are to be seismically upgraded are usually aiready under-
going upgrading work to palliate other deficiencies or to
enhance their market value (i.e., overall rehabilitation work).
The enginger should therefore, whenever possible, also con-
sider the economics of providing seismic resistance in com-
pliance with more stringent standards. However, since for
many historical buildings alteration of the heritage fabric
must be minimized, the above special procedure provides
& viahle alternative. In such situations, it is worthwhile that
the ABK testing program established that the margin between
the seismic intensities needed to initiate cracking and those
needed to produce dynamic instability can be large enough
to have a major impact on engineering decisions.

As with other normal engineering procedures, when the
existing conditions are found to violate the tolerable Hmits,
the structure must be retrofitted using 2 strategy of the struc-
tural engineer's choice. The CGSEEB redirects the engineer
toward specialty documents broadly devoted to seismic
retrofitting techniques (FEMA 19925), However. for some
particular deficiencies, the CGSEEB methodology explicitly
mandates the nature of the corrective measuares. In high
seismic-risk zones, for example, if masonry piers provide
bearing supports for steel beams, the CGSEEB calls for the
addition of steel columns next to the piers; these will act
as shoring of the gravity system should the unreinforced
masonry piers fail,

Much additional information and examples are available for

ithe City of Los Angeles Building Code and UCBC versions -

of the special procedure (SEAQC 1981, 1983, 1986, 1991).
The reader 1%, however, cautioned that most of that infor-
mation is in the working stress format, not the CGSEEB
limit states design formar. Finally, it is noteworthy that prior
to the publication of the UCBC, a survey of consultant’s
practives (ATC 1987) regarding seisinic evaluation of existing
structures revealed that most structural engineers used non-
standardized methods largely based on their own experience
or office practice, and used existing methodologies only if
required to by the clients. It is believed that since that time
this practice has changed, and that thousands of wareinforced
masonry buildings in California have been upgraded accord-
ing to the above procedure (or a part or variation thereof).
The seismic performance of some fully or partially retrofitted
buildings has already beeon reported (Moore et al. 1985,
Deppe 1988; Rutherford and Chekene 1991; Bonneville and
Cocke 1992). Anchorage of walls and parapets to roof and
floors has already proven effective in substantially improv-
ing seismic performance, but the final verification of the
adequacy of many other aspects of the special procedure in
enhancing life-safety is still awaiting the test of a major
earthquake there.

4. Modeiling aspects of unreinforced masonry
structures — beyond the CGSEEB

1t 1s the prime responsibility of the structoral engineer to
establish, based on judgement and experience, a realistic
structural model for a given unreinforced masonry building.
Some engineers will reluctantly depart from proven, atbeit
conservative, traditional approaches suitable for hand-
calculations, others will be inclined to try the special pro-
cedure provided by the CGSEEB. Aside from these, advanced
modeling procedures such as dynamic analysis or finite

element models are always possible. The individual engineer’s
confidence in the reliability of different approaches, along
with the consideration of some nontechnical aspects such
as Hability and client sophistication, all influence modelling
decisions, particularly in the absence of an “umbrella™ ordi-
nance prescribing a specific procedure. Yet the final judge-
ment on the seismic adequacy of a given unreinforced
masonry building is also very much dependent on the char-
acteristics of the selected model. Some of the other
approaches proposed in the literature are briefly reviewed
in what follows, although they have not yet led 1o systematic
methodologies.

4.1. Qut-of-plane modelling of aliernative boundary
conditions

To date, research on dynamic stability has concentrated
on walls implicitly modelled as continuous vertical slabs
supported between floor levels (ABK 1984; Prawel and Lee
19908 or cnly at their base (Bariola et at. 1990}, The natural
“vertical-anchorage” provided by continuity with the other
perpendicular walls has been conservatively neglected. This
continuity may significantly enhance the out-of-plane resis-
tance of narrow walls, The effect of various boundary con-
ditions on the ultimate owt-of-plane strength of unrginforced
masonry panels, in a nonseismic context, has received some
attention: a fracture-tine mode! which is applicable to
orthotropic brickwork panels of low tensile strength, pro-
posed by Sinha (1978, 1980), is noteworthy — it is not to be
confused with the well-known yield-tine theory for the analy-
sis of reinforced concrete slabs, although it is conceptually
similar. In this upper-bound approach, lines of maximum
moment and zero shear are assumed to be linear; the cracking
morment ts assemed to be reached simultaneously along
these Hines, with ensuing rigid-body rotation of the separated
unreinforced masonry panel portions, and then failore. The
panel’s boundary conditions on all sides, for any arbitrary
geometry, are directly considered by the method. As with
all upper-bound methods, the maximum capacity of the
panel is determined by finding the path of the fracture lines,
which allows fatlure under the lowest magnitude of applied
Joads. While Sinha found an excellent correlation with exper-
imental results, the unreinforced masonry panels tested were
free of concurrent in-plane axial loads. An adaptation of
this method into 2 dynamic stability framework has not yet
been attempted.

4.2, Derermination of dvnamic characteristics

Among the few studies that report on the experimentally
measured damping properties of unreinforced masonry, there
is no clear consensus. Benedetti and Benzoni (1984), in
their study of stone masonry, calculated values of damping
eqgual to 4% and 12% of the critical damping by Fourier
transforms of the response, for linear low-intensity and non-
Hnear high-intensity tests respectively. Prawel and Lee
{19904, 19904 calculated the secant stiffness and secant
damping coefficients from banded white-noise tests and
spectral analysis for the in-plane and out-of-plane behaviour
of walls with various levels of damage. In both cases, they
ohserved a rapid degradation of stiffness immediately fol-
lowing first cracking, coupled with a proportional increase
in damping {on average 4% to 13% in-plane, 4% to ¥% out-
of-plane). Yinggian and Maogong {1984) also observed a
sudden drop in stiffness, of up 1o 60% of the original value
following first cracking; their recorded damping values
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ranged from 1% to 5%, under low and high axial compressive
stresses respectively.

in ABK’s aforementioned in-plane test of unreinforced
masonry piers (ABK 1984}, dynamic free-vibration response
and the apparent viscous damping coeffictents under tocking
action were also measured following the release of pre-
imposed displacements. Vatues of 3.5% to 7.5% of critical
damping were recorded.

4.3, Finire element models

Linear elastic finite element analyses are becoming popular,
particularly in Europe. to gstablish the state of stress in
complex unreinforced masonry heritage structures, which
are often built of stone (e.g., Pistone et al. 1991 At this
time, only a few reported studies are concerned with seismic
resistance (Elsesser et al, 1991; Quirds Lara and Gutiérrez
1691: Vestroni et al. 1991; Karantoni and Fardis 1991,
Magenes and Calvi 1992; Tena-Colunga and Abrams 1992}
most investigate other loading conditions or general structural
distress. These linear elastic analyses may be useful in pro-
viding some guidance as 1o the governing failure mode.
ultimate elastic capacity, natural frequencies, mode shapes,
and modal participation factors of uncracked unreinforced
masonry buildings. but they provide limited insight into the
ultimate strength and seismic behaviour of such structures;
the method also produces unavoidable local stress concen-
trations which require careful interpretation.

Recognizing these limitations. some researchers have
investigated the adequacy of special nonlinear and cracking
finite elements in studying the ultimate seismic behaviour
of structures. Both discrete-crack and smeared-crack for-
mulations have been tried.

In the discrete-crack model, a special interface element
(also called a gap, or gap contact, element) is introduced
to allow separation of adjacent elements when the tensile
strength of the material at this interface is exceeded. The
layered structure of masonfy suggests modeiling the mortar
joints as nonlinear gap elements, and the bricks as standard
four-node elastic isotropic elements,

Chiostrini et al. {1989) adopted this approach in order 10
analytically replicate the ultimate behaviour of a4 masonry
panel monotonically tested in shear. Their gap element con-
sisted of two parallel plane surfaces capable of separating or
sliding to break the bond between adjacent brick elements;
only compressive normal stresses, by contact, and shear
stresses, by Coulomb’s friction, can be transferred across
this element. The judicious selection of the friction coefficient
is partly responsible for the reported excellent agreement
with experimental results in which, incidentatly, damage
was confined to the mortar joints. Dbviously, it is neither
practical nor desirable to model all bricks and mortar Joints
in order to study the seismic response of entire unreinforced
masonry buildings. Thus, in 2 companion study, Chiostrini
and Vignoli (1989} used macro-masonry elements, 1a com-
bination with gap elements, to model fexurally dominant
cracking modes of piers of spandrels, as well as global over-
turning; these uitimate collapse mechanisms could be well
replicated analyticatly, and their capacities compared satis-
factorily with those predicted using other means, However,
the discrete-crack strategy assumies prior knowledge of ulti-
mate behaviour so that the gap elements can be adequately
located in the model, i.e. where cracking will occur
iChiostrimi and Vignoli 1991 Barberis et al, 1991). Results
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are uthe?wise um‘?liable. The model is also unable to model
cross-hrick cracking.

Alternatively, smeared-crack models were studied. In this
rmodel, the nonlinear effect produced by the opening and
closing of cracks is integrated into the element formufmion
itself. Bssentially, when the tensile strength of the material
is exceeded. as determined by the internal stute of stresses
in a given element, cracking occurs orthogonally in relavion
to the tension principal stress and is assumed o be uni-
formly distributed {i.€., sineared) over the whole element.
Ciearly, meshing refinements in the zones of cracking
improve the reliability of the solution.

However, reported finite element investigations of the
behaviour of unreinforced masonry structures using smeared-
crack models remain few and. again, mostly concerned with
gravity loads. In one of the studies, which addresses the
seismic response of unreinforced masonry watls ¢ Chiostrin
and Vignoli 1991}, the predicted ultimate response and
dynamic properties of a wall modelled using plasticity and
smeared-crack elements are compared, and some theoretical
developments are presented regarding the addition of geo-
smetricat and material nonlinearity capabilities to the smeared-
crack element, all aimed at the study of slender unreinforced
masonry components. In another study (Shing et al. 1992),
it is reported that spectal interface elements used with
smeared-crack elements can realistically rephcate the brittie
shear failure of unreinforced masonty walls and influence
of mortar joints, provided that an a priori knowledge exists
of the location and orientation of the critical cracks. More
research is needed in order to fully assess the potential of this
finite element sirategy.

The ability to computationally predict the seismic response
of unreinforced masonry struCiures will obviously improve
in relation to advances in the modeiling of the masonyy
material itself through finite element analyses. For example,
research (1gnatakis et al, 1989} in which masonry units and
mortar joints are modelled separately, each with its own
(ridimensional nonlinear material characteristics, has been suc-
cessful in replicating experimentally obtained uitimate loads,
displacements, damage patiern, and failure mode of unre-
inforced masonry panels subjected to in-piane loading.
However, since each brick and adjacent mortar bed are indi-
vidually meshed by up to eight ¢riangular elements, the
approach is obviously better suited to research in funda-
mental behavioral characteristics than 10 the study of com-
plete structures,

Innovative techniques are also being investigated. For
example, in one case, a new type of no-tension fan-shaped
finite element has been proposed (Braga and Liberatore
1990) to improve the computational efficiency over tradi-
tional meshing approaches. The element was specifically
developed to analyze the seismic response of masonry sruc-
(ares. but no results from this particular research endeavour
have been reported at the dme of this writing. The boundary
element method (Brebbia and Niku $1991) and the modified
distinct etermment model (Morales and Delgado 1992), proposed
aiternatives to the finite element method, are also currently
heing considered by some researchers for the siudy of unre-
inforced masonry buildings, but the strength of the former
method resides largely in linear elastic anajyses and crack
propagation studies under monotonic toading, while the
latter. which seems promisiag, has already proven useful in
identifying general trends and behaviowr.
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Fic. 16, (a) Secant shear modulus model and (b) secant damping coefficient model {adapted from Mengi and McNiven 1986}

Finally, as a word of caution, it is important to realize
that none of the above finite element analysis strategies
seems to have matured to the level of sturdiness and reli-
ability required to be readily used by practising engineers. In
particular, mesh objectivity is difficult tw achieve, and nwmer-
ical stability problems are known to exist when using discrete
or smeared-crack models,

4.4. Hysteretic models for unreinforced masconry buildings

A comprehensive hysteretic model which captures the
seismic behaviour of masonry while considering its hetero-
geneous natare, with its inherent and complex interaction
of mortar, brick, layering patterns, and other distinctive fea-
tures, remains elusive, As practising engineers have con-
ventionatly treated masonry as a linear elastic homogeneous
isotropic material whose properties are obtained from standard
static tests, most researchers are also comfortable with this
simplified model. Yet some attempts at developing more
advanced hvsteretic models 1o capture the aforementioned
experimentally observed nonlinear behaviour are noteworthy.

Mengi and McNiven (1986) proposed an equivalent Jinear
mode] that accounts for the nonlinearity effect through vari-
able secant shear modulus and secamt damping coeflicient. As
one might expect, beyond first cracking, the shear modulus
progressively decreases as a function of the shear strains
whereas the damping coefficient increases on account of
sccrued friction-slip within the cracks. This is conceptually
ilinstrated in Fig. 16. Bilinear reiationships between the
values of the secant shear modulus and the secant damping
coefficient as a function of the absolute values of the shear
strains and shear sirain rates respectively were found to be
adequate, However, this model should be used with caution,
Generally, computer programs capable of conducting seismic
nonlinear inelastic analyses of structures clearly differentiate
damping from hysteresis; the damping coefficients relate 10
the elastic damping only. The notion of increased damping
to simulate hysteretic behaviour should not be misused. In
Mengi and McNiven, both G and £ are evolving variables,

with a re-linearization to new values being performed as
new eracking occurs throughout given time-history analyses;
incorrectly adopting constant values for use in an equivalent
linear elastic analysis would provide neither a safe nor real-
istic assessment of the nonlinear inelastic seismic perfor-
mance, Mengl et al. (1992} developed a computer program
10 implement the above model for special types of residential
unreinforced masonry structures with rigid diaphragms, but
its validation has been limited. Moreover, as for the analysis
of a complete North American building, it is unknown
whether the calculation of the secant damping coefficients of
each component and their subsequent assembly into a global
structural damping matrix would yield the correct resubts,
Nonetheless, some researchers {Prawel and Lee 19904,
19904) have already reported on the experimentally obtained
values of these secant properties.

A gue hysteretic model applicable to unreinforced masonry
has been proposed by Benedetti and Benzoni (1984,
Developed in order to replicate experimentatly obtained
shear stress—-strain hysteretic curves, it is constructed from
three superimposed bilinear hysteretic shear subelements,
which fail brittly at a prescribed strain intensity (Fig. 17},
Each subelement is completely defined by its elastic shear
modulus, G limit elastic shear stress and strain, 7, and vy,
respectively; and ultimate Hmit shear strain, vy, . The resulting
shear-panel hysteretic curve is built from the direct sum-
mation of all individual subelements’ strength, but subele-
ments having exceeded their limit strain, v, . are permanently
removed from the model, as shown in Fig. 17. An estimaie
of the overall post-cracking “ductile” behaviour is given by
the ratio v, /v, The vahue of the maximum shear siress,
Tmses Gepends on the average applied normal stress, o, and
critical tensile strength, &, by the relationship of [11] pre-
sented earlier. The other parameters shaping this phenome-
nological hysteretic envelope are calibrated from available
experimental results. While Benedetti and Benzoni did not
provide a physical mechanism to obtain these other para-
meters without the need for experimental calibration, they



BRUNEAU 531
i Resulting curve
max
(sz‘r
max
@
13
(4]
[
-
m
[™
z o lenx
= Ty
o
Ty
T

7;’: 7=

Ya ?’a&

Shear Deformation
FiG. 17. Hysteretic shear stress-strain model proposed for unreinforced masonry (adapted from Benedetti and Benzoni 1984).
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Fi. 18. Floor plan of example building.

demonstrated that the parameters o, o, (defined in Fig. 17),
and 7,,, have the most dominant influence on the nonlinear
inelastic behaviour. Also, other structural elements must be
used jointly to provide axial load resistance, as this hys-
eretic wodel only simulates a shear-panel response mech-
anism. Finally, as this model appears to have been derived
from tests on stone masonry, its applicability to general
unreinforced masonry structures is oaly inferred.

5. Exampie of the CGSEEB special procedure

At this time, it is clear that the CGSEEB special procedure
is likely the most readily usable method for the seismic
evaluation of unreinforced masonry buildings; a short example

to illustrate its applicability follows. For the sake of brevity,
clauses, figures, and tables contained in Appendix A of the
CGSEER document will not be repeated, but are cross-
referenced as needed.

The two-storey building selected for this example is iden-
tical to the one analyzed by Breiholz (SEAOC 1983, 1986,
1991y, It is 9.144 X 28,96 m (30 x 93 feet) in floor plan
(Fig. 18) (converting into metric units the dimensions of
old existing buildings unfortunately results in these awkward
rumbersy, It has unreinforced masonry bearing exterior walls
three and two wythes thick at the first and second storeys
respectively, with corresponding thicknesses of 330 mm
(13 in.) and 230 mm (% in.). Normal density bricks are used.
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All walls have a number of window and door openings, and
the south wall first storey is an open facade as is often the
case for thus type of building (Fig. 19). The roof is made
of 13 rmum (0.5 in.) plywood sheathing over straight sheath-
ing, while the floor is 13 mm (0.5 in.) plywood sheathing
over disgonal sheathing and finished wood flooring. The
ground floor is a nonstructural slab on grade. At the roof
level, the nonmasonry dead loads consist of roofing
(0.22 kPa), sheathing (0.14 kPa), framing members
(0.14 kPa), ceiling (0,48 kPa). and the tributary weight of
woed partition ((1.36 kPa}, for a rotal of 1.34 kPa. At the
floor level, these dead loads are floor finish (0,10 kPa),
sheathing (.24 kPa), framing members (0.17 kPa), ceiling
(0.38 kPa), and the tributary weight of wooed partition
((1.72 kPay, for a total of 1.61 kPa.

This building can be analyzed using the special procedure
of the CGSEEB (Appendix A}, since it meets the conditions
stated in Clause A4 of that document: namely, it possesses
flexible diaphragms at all levels above its base, has less
than 6 storeys {for brick masonry), relies solely on unrein-
forced masonry walls to resist lateral Joads, and has a min-
imum of two lines of such vertical elements parallel 1o each
side of the building. Although the presence of an open front
on one side violates the fourth condition above. the proce-
dure recognizes this as a common condition in older unre-
inforced masonry buildings and. 2s will be seen later, has
special provisions to address this.

In this example, 1t is assumed that the partitions shown
on thai. fioor plan are not positively connecied to the under-
side of the top diaphraern, but rather stop at the level of a

dropped ceiling. Hence, these partitions are not qualifying
crosswalls (Clause A.11). Also assumed are the good quality
of the masonry, the presence of an adequate number and
configuration of headers courses in the wall lay-up (Clause
A.5), and 2 mortar shear strength of 0.2 MPa, the minimum
quality tolerated by the CGSEEB. Normaily, the above infor-
mation would be obtained from site inspection and shear
tests of the type and quantity specified by Clause A5,

This exampie is developed for the most severe seismic
zone that can be encountered in Canada. Hence, the effective
velocity ratio, v', defined by [11. is taken as 0.4, and the
CGSEER effective zonal ratio, Z7, defined by

[20] 7' = Z {NBC) + 1(ifZ, > Z) + 1 (if F2 1.5)

is taken as 6. The parameters Z,, Z, and F in the above
equation are defined in the NBCC (NRC 1990}, Various
abatements provided by the CGSEEB for the lesser seismic
zones will be reviewed at the end of this example.

First, the total dead load, W, tributary to each diaphragm
must be determined. The results of this caiculation are sum-
marized in Table 2. In agreement with the load-path model
presented earlier, the mnertia forces resulting from the tributary
weight of head-walls at each level must be resisted by the
end-walls, and inchuded in each W, This masonry component
of W, is usually significant, and it is worth the extra effort
to deduct wall openings in this calculation, as shown in
Table 2.

The demand-capacity ratios, DCR, must then be calcu-
lated. Starting from the roof for earthquake excitations in
the E-W direction. and using values prescribed by the



BRUNEAU 333
CGSEEB for the shear strength of the diaphragms, equa-
tion {2 of this paper {equation A-19 of the CGSEEB) gives

25VW, | 2.5(0.4)(749 KNy

(21} DECR = = =
YD 2044 kKN/m)X9.14 m)

Figur_e 3 of this paper (or, eq_uiva%emly, Fig. A»% of the E?E o> - -

CGSEEB) teveals that the maximum demand-capacity ratio = = = & ‘§

permissible for a diaphragm of 28.96 m span is 4.0. Thus

excessive deformations of the existing diaphragms doring 3F | BMEXNE VoG G -y
- . . SZIGREN 305 T%9Y fond

an earthgquake may produce out-of-plane failure of the 2 MR I R e I S e

head-walls,

Although the retrofiting of unreinforced masonry buiidings Er il GEIE SECE ERRE RRE®
is beyond the scope of this paper, it is nonetheless inter- FEi o dadn Mog o cae—d
esting to determine the needed strength and configuration
of new crosswalls. Using {4] above (equation A-20 of the w &

CGSEEB), it is determined that, to limit the demand-capacity - £2 2R 48498 I % FRTSR
ratio to 4.0, the total needed shear capacity of crosswalls, V,,, S2g2 funex 1o Qe e i
is 107 kN. Therefore, assuming that a wall of nailed plywood =
on wood frame can be designed to develop a 13 kN/m shear 57 » b o GG 00D DA s e T
) ) ~f P et [eml wremaren @8 GRG0
strength, 3.23‘ m ofﬂsuch new ;rqaswails are negded. For - SE SOV So6= wowT Fawo
good energy-dissipating action, it is necessary to ensure that =) SILEDF weFe e m m e

- ) bt N : =
crosswalls are well distributed along the whole length of = |} 2 lecew cooe Tuww twww
the diaphragm, and capable of developing a reasonably high 5132 e e ) g & g ?o :; g g
level of hysteretic energy when compared to the diaphragm’s @ |l o — | BHBE ALEL T A
own inelastic behaviour. Hence, the CGSEEB requires that 5 :?i

a2 - ,, it . M - o — X ,

thersum of crosswalls capacity over any 12.5 m be at leﬁast v =E|REDE BRET & 2%8 2280
30% of the shear capacity of the strongest diaphragm “at el S B B R e S L k>
or above the level under consideration”™ (Clause A.11), As the 5
cusrent calculations are for the roof level only, the needed 3 Eol o wemetom o e o
strength over 12.5 m is (30%)(4.4 kN/m X 9.16 mi = & FE 33T J838 54 wiwe
24,2 kN. The provision of four crosswalls of the afore- 3§ =~
mentioned design, spaced at 5.75 m centre-to-cenire, and = e e e mw
each 2.25 m long, is adequate. However, since the shear '% gl 2 ““g"“é‘fg £5822 3%9% 222¢%
strength of each crosswall (13 kN/m) exceeds the shear < gl EEER mEES SERS P
strength of the roof diaphragms that it connects (2 X 8 Tl tE¥: 222 tE:2 2 £z 2
4.4 kN/mj, collectors at least 1.1 m longer than the crosswalls = ~| 2222 222X SR8 S22
must be designed to carry a drag force of 9.42 kN each. °
Examples of such collectors are presented elsewhere (FEMA. E = . = O £ £ & =
19925). 3 15 4 Z £ 3 3 £ £

The CGSEER allows that crosswalls be present only 3 g F w3 2 4 74
hetween the roof diaphragm and the floor diaphragm imme-  J 55| 0 r . -
diately below it; implicitly, posts or columns must then B | W g & s
carry the crosswalls” overturning moment through the storeys = o
below. In this case, the super-diaphragm equation {5] can = & | B ln ws wy vy

L - d h
ale Sty rati Bl E1 2818 5 & 5
be used to calculate the demand-capacity ratio for the floor gl=x2 = = ™
diaphragm below the roof level, but V,,, must be omitted 3
since no diaphragm exists below the floor under consideration = _;z;) e _— - - =
(equation A-22 of the CGSEEB). From this equation, a DCR Ze = ~ =
value of 3.81 is obtained for the floor diaphragm, which =
confirms that no crosswalls are needed aside from those
already provided above. For earthquake excitation in the gle z k= g
4 . . . . = o o] o]
N-S direction. the same eguation [2} would give values of 2 = i = =
. - 7
1.94 and .47, much less than the maximum ratio of 3.0
permitied for a 8,14 m diaphragm span. o

Using the above DCR values with Fig. 3 and Table 1, the 3z
out-of-plane dynamic stability of the unreinforced masonry 2= = 2 - -
walls is then verified. These calculations are summarized u:.a} = ] g i Nt i

t — s

in Table 3. In this case, it is found that the second storey
unreinforced masonry walls are likely to fail out-of-plane
during an earthquake unless braced. Incidentally, for this
building, the parapets are also too slender and need bracing
(of a different type) as their slenderness ratio (h/r) ranges
from 2.0 to 2.67, depending on focation. Some effective
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Tape 3. Calculation of walls out-of-plane dynamic stability
Earthquake h ! Span  Regionin  Allowable (i) ’
direction Walls Level {m) fm) ht DCR O (m) Fig. % {Table 1} Needs bracing
E-W . East and west  Second level 3.7 023G 161 400 289 2 14 Yes
East and west  First fevel 3.7 0330 112 381 289 2 16 Na
N-8§ East and west  Second level 4.3 0230 147 1.94 9.1 3 9 Yﬁs
East and west  First level 43 0330 130 047 9.1 3 t5 No
TanLe 4. Calculation of in-plane applied loads
Wyy Wy Fyy— {eg 6] Yy D Fyy — teq. 7D o '
Storey wall  (kNy (kM) (kN {kN/m} {m} (k™D Min. Fiyy Vi
Second North 73 749 17% 4.4 9.14 694 69 4 69.4
South &7 749 177 4.4 9.14 67140 67.0 67.0
East 205 495 181 4.4 2896 200 181 181
West 190 495 173 4.4 28,96 203 175 175
First North 169 1370 142 260 9.14 305 305 374
South 112 1370 1149 260 914 282 282 349
East 454 5 323 260 28.96 323 323 504
West 492 705 338 26.0 18.96 338 338 513

Tape 5, Caleuiation of shear and rocking resistance of north wall

D H Py Po/H Vi V., VgV,
pier  fmy  (m)  {(kN) (kNy o (kN) (kNY (kN}
Second storey
1 ner 122 192 282 263 331 Yes
2 533 122 MO 616 554 9.6 Yes
3 0838 243 238 932 839 144 Yes
4 066 122 163 882 794 114 Yes
First storey
1 188 2313 TLI 663 597 844 Yes
2 046 107 292 126 1.3 2359 Yes
1102 L7 514 488 439 508 Yes
4 076 107 456 324 202 413 Yes
5 030 168 349 628 566 248 Yes
6 0.1 168 317 14 103 309 Yes

special bracing retrofit techniques are presented elsewhere
(FEMA 19925},

In-plane loading of the end-walls and their resistance must
then be determined. In the absence of quatifying crosswalls
at all levels, equations [6] and {7] are applicable {equa-
tions A-7 and A-8 of the CGSEEB). A calculation of the
applied Toads is presented in Table 4. Seismic resistance of
the north wall (Fig. 2{0) is evaluated in Table 5 using equa-
tions [134], {161, and {17} (A-14, A-3, and A-13 of the
CGSEEB respectively). It is noteworthy that although the
gravity load contribution from the diaphragm can be included
in the calculation of Pp,, much of that weight in older unre-
inforced masonry buildings is often supported by columns and
posts of an internal gravity-only structural system {e.g.,
timber posts, cast-iron columns). Moreover, timber floor
framing systems often dominantly carry the tributary
diaphragm gravity loads to only a few parallel walls. In this
example, the selected building is assumed to exhibit such
a bias, with the diaphragm’s framing system supported by the
west and east walls. Hence, in Table 5, Py only accounts
for the wall’s masonry overburden. Some approximations
and sensitivity analvses are also necessary in calculating

P,, when openings are not of identical size and location in
specessive storeys.

For both storeys, it is found that rocking failure mode
governs over the shear failure mode of all piers. Rocking
failure mode of the top storey is schematically Hluswrated
in Fig. 21. Hence, only 60% of the applied load need be
resisted by each storey. For the second storey,

[22] 06Vay = 416 kN < SV = 482 kN

whereas, for the first storey,
[23] 06V, = 224 kN ¢ Y Vi = 160 kN

This indicates that, for the north wall, in-plane strengthening
is reguired at the lower siorey only. Again, the reader is
referred elsewhere for an overview of possible retrofit strate-
gies (FEMA 1992b). Similar calculations can be performed
for the other three walls, However, the first storey open
facade of the south wail deserves particular atention. For this
special case, the CGSEEB-proposed equivalent diaphragm
equation {Clause A.12) is not applicable, since this is not
a single-storey building (Clause A.4). Alternatively, the
CGSEEB prescribes that a new steel or reinforced-concrete
frame can act as the “missing” unreinforced masonry wall by
(i) resisting 100% of the loads at that location; {if) being
stiff enough to restraint interstorey drifts to less than 0.0075
of the storey height; and (/i) coexisting with unreinforced
masonry in that facade only if the few vnreinforced masonry
piers present fail by rocking. not by shear, The design of
such a steel frame is otherwise conventional and not covered
here.

Finatly, the entire CGSEEB procedure relies on the proper
anchorage of walls 1o diaphragm, as per equations [18] and
{191 (A-4, A-3, and A-6 of the CGSEEB). In this particular
example, anchors must be provided to resist shears of 4.4 and
26 kN/m respectively at the roof and floor levels of both
the north and south walls, and 3,42 and 4.87 kN/m respec-
tively at the roof and floor levels of both the east and west
walls. Moreover, anchors must be provided 1o resist tension
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Fi. 20. Dimensions and piers considered for north wall in-plane strength evaiualion.

forces of 9.72 and 20.46 kN/m of wall at the roof and floor
levels respectively. Obviously, it is advantageous Lo select
anchors which can simultanecusly resist both types of exci-
tation. Calculations demonstrate that 19 mm diameter
through-wail bolts centred in 64 mm diameter holes filled
with nonsheink grout {so that the shear bearing pressure of
bolts does not crush the masonry), at 0.5 m spacing, each
with at least a 20 000 mm”® bearing plate, are adequate every-
where. According to the CGSEEB, these can develop a com-
bined strength of 13 kN/m in shear, and 12 kN/m in tension
when anchored in a two-wythe wall, For this example and in
most similar cases, it must be appreciated that in deter-
mining retiable wall thickness, changes in wall thickness
usually occur just below the floor diaphragm, since the
thicker wall also often acts as a support for the floor framing
system. Also, in this case, a single anchoring scheme is
used for simplicity and to minimize the risk of errors during
construction. The chosen spacing also automatically insures
that anchors are provided close to the inside corpers of
walls; the flanges of corner walls are frequently neglected in
order to simplify calculations, and their rigidity ig there-
fore higher than considered and will attract more lpads than
predicted by caiculations. These choices also respect the
maximum spacing requirements of the CGSEEB. For aesthetic
concerns, the bearing plates should be chosen as architectural
decorative elements or, alternatively, should be of a discrete
colour.

As mentioned earlier, if the building in this example was
located in a region of lesser seismicity, fewer elements of the
unreinforced masonry building would be subject to evaluation.
For example, the CGSEEB does not require any seismic
evaluation for unreinforced masonry buildings in effective
seismic zones of 1 or less (i.e., where Z' £ 1), In zone 2,
it requires only that masonry be of sufficient guality, that
wall anchorage be adequate, and that out-of-plane dynamic
stability of parapets be ensured. Dynamic stability of all

A
s Rt T e e

Fis. 1. Schematic lustration of rocking failure mode. second
storey, north wall,

walls, in-plane wall strength. and diaphragm shear transfer
need only be verified for buildings located in effective seis-
mic zones 3 or higher. Demand—capacity ratio calculations
are not required unless in zone 5 or above. Moreover, the out-
of-plane dynamic stability criterion is also relaxed in less
severe seismic zones, as shown in Table 6. However, while
the seiumic velocity excitation at the edge of the diaphragms
is reduced almost proportionally with seismic zone, the
diaphragm dynamic veloeity amplification increases as the
diaphragm’s behaviour becomes more elastic. The interplay
of these counter-balancing effects explains the apparently
slow reduction in the maximum permissible wall slenderness
to ensure dynamic stability.

6. Conclusions

Although masonry is a brittle material incapable of nelasuc
straining, there are energy dissipation mechanisms available
in standard unreinforced masonry construction which can
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TABLE 6. Wall slenderness limits o ensure out-of-plane dynamic stability in various
SEISTHC Zones

Effective seismic zone, Z'

6é

Region of DCR chart

Region 1*
Condition 2,3 4.5 or region 2 Region 3

Wall of single storey buildings 20 16 16 {3
Multistorey buildings

First storey walis 20 18 16 15

Top storey walls 20 14 14 9

Al other walls 14 16 16 13
Parapets 4 25 1.5 1.5

*Omty if gualtifying crosswalls are present.

iead to the measurement of a hysteretic behaviour during
earthquakes and, thus, of effective “ductilities.” The mech-
anisms responsible for this hysteresis are not perfectly under-
stood, but sliding friction on opened cracks and rigid-bedy
rocking are known to be contributors. This is particularly
true of the response of unreinforced masonry walls, which,
under certain conditions, can remain stable much beyond
cracking, as demonstrated analytically and experimentally.
However, this stability is not infinite, and generates damage
throughout its development. Although there exist approximate
and simple hand-calculation models that capture the many
uitimate failure modes reported in this paper, there is currently
no broadly accepted integrated analytical model capable of
replicating ull possible modes of behaviour in a format com-
patible with modern inelastic nonlinear seismic analysis
computer programs, nor is there agreement on what consti-
tutes a reliable and acceptable value of “ductlity” for unre-
inforced masonry elements, However, with the growing
awareness that first cracking is not automatically equivalent
to failure, more experimental and analvtical research on the
seismie performance of unreinforced masonry buildings is
anticipated. .

In the meantime, the new knowledge generated by some of
the reported experimental programs has been directly incor-
porated into a standard seismic evaluation procedure in
California, and has been used for the rewrofitting of numerous
unreinforeed masonry buildings, even though some aspects
of this procedure are largely empirically based and sorsewhat
controversial. The legal protection provided by seismic haz-
ard mitigation ordinances that endorse this special evaluation
procedure has been instrumental in its broad acceptance
there. This Californian spectal procedure has been recently
“imporied” and modified to be compatible with the Canadian
context. Although its use remains voluntary here, and has
not yet been endorsed by any legal document, it provides
a credible alternative seismic evaluation method applicable
1o a gertain type of unreinforced masonry buildings.

For the cases in which this appreach is not applicable,
dynamic analysis or finite element analyses can be con-
‘;?“;I;m}?d However, only scant information exists on the

gwm‘:’;i:«gd;mpmg properties of these types of construction.
preferably igr?hdeﬁmtwe k.nowlf:dge, conservative values,
- e lower range of reported values, could be

chosen for analytical studies. Alternatively, forced-vibration
analyses would be one way to obtain these data for indi-
vidual structures as needed. As for finite element analyses,
cracking models (the smeared-crack model in particular)
are promising, although guidance for their application in a
production environment is lacking. In the meantime, linear
elastic finite element analyses have been of some use in
spite of their obvious limitations.

So far, in Canada, to protect themselves against possible
litigations following an earthquake, structural engineers
have often adopted conservative analytical models in their
seismic evaluations of unreinforced masonry structures; this
has often translated into expensive rehabilitation costs. It
is hoped that the concepts, under]ying assumptions, and
applicability of the new CGSEEB procedure, emphasized
in this paper within a more comprehensive state-of-the-art
review of this topic, will provide an added perspective on the
problem, an overview of both existing solutions and those
under development, and actual savings in future seismic
rehabilitation costs.
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