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Preface

The Multidisciplinary Center for Earthquake Engineering Research (MCEER) is a national center
of excellence in advanced technology applications that is dedicated to the reduction of earthquake
losses nationwide. Headquartered at the University at Buffalo, State University of New York, the
Center was originally established by the National Science Foundation in 1986, as the National
Center for Earthquake Engineering Research (NCEER).

Comprising a consortium of researchers from numerous disciplines and institutions throughout
the United States, the Center’s mission is to reduce earthquake losses through research and the
application of advanced technologies that improve engineering, pre-earthquake planning and
post-earthquake recovery strategies. Toward this end, the Center coordinates a nationwide
program of multidisciplinary team research, education and outreach activities.

MCEER’s research is conducted under the sponsorship of two major federal agencies, the
National Science Foundation (NSF) and the Federal Highway Administration (FHWA), and the
State of New York. Significant support is also derived from the Federal Emergency Management
Agency (FEMA), other state governments, academic institutions, foreign governments and
private industry.

The Center’s FHWA-sponsored Highway Project develops retrofit and evaluation methodologies

for existing bridges and other highway structures (including tunnels, retaining structures, slopes,

culverts, and pavements), and improved seismic design criteria and procedures for bridges and
other highway structures. Specifically, tasks are being conducted to:

+ assess the vulnerability of highway systems, structures and components;

» develop concepts for retrofitting vulnerable highway structures and components;

» develop improved design and analysis methodologies for bridges, tunnels, and retaining
structures, which include consideration of soil-structure interaction mechanisms and their
influence on structural response;

» review and recommend improved seismic design and performance criteria for new high-
way systems and structures.

Highway Project research focuses on two distinct areas: the development of improved design
criteria and philosophies for new or future highway construction, and the development of
improved analysis and retrofitting methodologies for existing highway systems and structures.
The research discussed in this report is a result of work conducted under the existing highway
structures project, and was performed within Task 106-E-5.2, “Dependable Strength and Ductility
of Eastern U.S. Bridge Columns” and Task 106-F-2.1, “Seismic Retrofit of Shear Critical Bridge
Columns” of that project as shown in the flowchart on the following page.

The overall objectives of these tasks were to develop analytical procedures, verified by experi-

mental testing, which could be used to determine the flexure-shear force-deformation behavior
of bridge columns, and to develop retrofit procedures for reinforced concrete bridge columns and
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their connections, respectively. This report describes the development of a seismic evaluation
methodology for bridges which can be used to determine structural deficiencies prior to retrofit
or rehabilitation. The authors describe an energy-based method to explore possible failure
mechanisms in bridges not designed to withstand seismic loads. Specific failure mechanisms
examined include unconfined concrete fatigue, bond failure in anchorages and lap splices,
compression buckling of the longitudinal reinforcement steel, fracture and fatigue of the
longitudinal reinforcement, and shear failure in the columns. The seismic evaluation methodol-
ogy was appliedto a bridge pier with multiple failure modes including that of fatigue damage and,
when compared to experimental results, yielded good agreement.
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ABSTRACT

Current seismic design codes which aim at maximizing the overall ductility of a structural
system are a result of extensive experimental and analytical research over the past three decades.
In seismic bridge engineering, the state-of-the-practice has lagged by some two decades the state-
of-the-knowledge. Thus the vast majority of the bridge structures in most countries, including
the United States, have been built to non-seismic codes. Since it is not economically feasible
to abandon all of these existing structures, it is necessary to evaluafe their expected seismic

performance and then retrofit those structures that are deemed to be seismically deficient. This

report is concerned with the first step in the seismic retrofit process —seismic evaluation. Using

an energy based methodology it explores the various possible failure in non-seismically designed
structures including: unconfined concrete fatigue; bond failure in anchorages and lap splices;
compression buckling of the longitudinal reinforcement; fracture and fatigue of the longitudinal
reinforcement; and shear failure of the columns. Theoretical models capable of predicting
strength degradation over the cycles of loading that lead to failure are developed and verified
by comparing with experimental results. Numerical examples are presented at the end of each
section to explain the working procedure of the proposed evaluation methodology. The
individual fatigue theories are generalized so that mixed failure modes in reinforced concrete pier
bents can be tracked during cyclic loading. Progressive failure modes can therefore be
explained. This generalized fatigue theory is validated against experimental results on a model
pier bent which was tested at the SUNY testing facility. Good agreement between the

theoretically predicted behavior and observed performance is obtained.
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SECTION 1
INTRODUCTION

1.1 BACKGROUND

In the seismic design of reinforced concrete structures, the concept of damage and
damageability play a central role. The economy of construction requires that the accepted level
of damage be tied to the expected risk of earthquake exposure. Thus, for minor earthquakes of
relatively frequent occurrence, no damage except possibly that of minor cosmetic nature is
acceptable. For earthquakes of moderate strength, and correspondingly larger return intervals,
a limited amount of permanent structural damage is generally considered acceptable. However,
for large earthquakes with a very low probability of occurrence (this is often referred to as the
"maximum credible event" and has a return period in excess of some 2000 to 3000 years) a
considerable amount of damage is acceptable. But in any case the prevention of collapse should

be the supreme design objective.

The current seismic design philosophy for reinforced concrete structures started evolving
only over the past decade. Thus majority of the structures built before the modern codes came
into existence are potentially at risk in the event of a strong ground motion. Since it is
economically not feasible to demolish these existing structures, an alternative approach would
be to elevate their performance up to the level envisaged by the present codal provisions.
However, before any such step is undertaken it is an absolute must to properly diagnose the

deficiencies of the structure and their specific locations.

Following the principles of capacity design where a hierarchy of failure modes is chosen
by the designer himself, it is possible to suppress undesirable failure modes such as shear, loss
of bond and anchorage and joint failure. Energy is dissipated in the plastic hinge zones that
should be specially detailed for seismic resistance. Therefore, a proper understanding of all the

different potential failure modes is necessary in order to correctly design and detail a retrofitting
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strategy and to provide "capacity protection" to the remainder of the structure. Thus a
systematic study of the different failure modes including that of confined and unconfined
concrete, along with longitudinal bar buckling is considered an important step in preventing

catastrophic structural failure through premature failure of column hinge regions.

1.2 PREVIOUS RESEARCH

The historical evolution of the present seismic design philosophy for reinforced concrete
structures subjected to strong earthquake ground motions necessitated the development of reliable
mathematical models to analyze non-linear response. The last two decades has brought
considerable progress in the development of non-linear (hysteretic) force-deformation and/or
moment-curvature models for reinforced concrete elements. Special mention may be made of
Chung et al. (1987), Gosain et al. (1977) and Banon et al. (1981). With the advent of
sophisticated computer programs to predict the non-linear dynamic time history response of
structures such as DRAIN 2D (Kannan and Powell, 1973), DRAIN 2DX (Allahabadi and
Powell, 1988) and IDARC (Park, Reinhorn and Kunnath, 1987) an obvious question is raised:
How much inelastic response will lead to failure or collapse? Thus the notion of damage was

born. Different concepts related to structural damageability are described in what follows.
1.2.1 Ductility Damage

Early damage models were based on displacement ductility and a simple damage index

that related ductility demand (%) to capacity (pS) could be defined such that

D = a-1)

1

R l':
[ N

where the ductility factor is defined as the ratio of total displacements to the yield displacement
ks = A, /A . Note that if D, >1 collapse is implied. Present seismic evaluation recommendations
use an inverse form of this damage model (Capacity/Demand) that may be thought of as a factor

of safety against collapse. Thus in accordance with the original ATC 6-2 (1983)



recommendations which have recently been incorporated into the revised Federal Highway
Administrative Retrofitting Manual (Buckle and Friedland, 1995), a ductility based
Capacity/Demand (C/D) ratio (r) for ductility is computed as follows:

.o R - 2Q, 1-2)

QEQ
where R, = nominal ultimate displacement or force capacity for the structural component being
tested, 2Q, = the sum of the displacement or force demands for loads other than earthquake, and

Qg = the displacement or force demand for the design earthquake loading at the site.
1.2.2 Fatigue Damage

Investigators have realized there are shortcomings of this monotonic displacement
ductility approach as it is unable to account for energy absorption or cyclic loading effects of
structural elements. Cyclic loading can often be related to low cycle fatigue. An early
contribution to the fatigue modeling in earthquake engineering was made by Krawinkler and
Zohrei (1983) who proposed an accumulated damage model for structural steel components based

on experimental data.

D,=CY (A8,)" 1-3)
i=1

where D, = damage index of the member, C = calibration constant, «; = fatigue damage
parameter, # = number of load cycles and Abpi = plastic deformation during the i-th cycle.
The concept of this model was very attractive since when modified appropriately it was possible

to apply it to predict the damaged state of reinforced concrete structures.
' 1.2.3 Combined Ductility and Fatigue Damage

Subsequently it was also realized that neither displacement ductility nor fatigue alone

would suffice in describing damage to structural concrete members. The establishment of the



importance of hysteretic energy dissipated by concrete members as an index of damage sustained
prompted many researchers to propose damage models which were based on the combined
principles of fatigue (energy) and ductility. Special mention may be made of the models
proposed by Park et al. (1985), Darwin et al. (1986). Unfortunately, these models generally do
not consider the effect of loading sequence which may play an important role in assessing a
residual strength capacity. The model proposed by Chung, Meyer and Shinozuka (1987) has
sought to overcome this deficiency and tends to give reasonable albeit conservative estimates of

sustained damage.

1.2.4 Modeling Global Damage

The overall damage state of a structure depends, however, both on the distribution and
severity of localized damage. A global damage index which represents the damage on the
structure in its entirety is thus obtained by combining local damage indices of its constituent
elements with suitable weighting functions. Although there seems to be no consensus as to how
this is best done, the most widely used approach is to take an average of the local indices
weighted by the local energy absorptions (Park, Ang and Wen 1985, 1987; Chung et al. 1989a,
1989b, 1990; Kunnath et al. 1990, 1992).

An alternative, highly computational method of global damage assessment involves
investigating changes in modal parameters during an earthquake. Using flexibility as a damage
indicator Raghavendrachar and Atkan (1992) proposed a method by which the severity and
location of damage in a structure can be assessed merely by observation of changes in the
flexibility matrix. This is also the approach advocated by DiPasquale and Cakmak (1987,1988)
who proposed a range of softening indices that are functions of the change in the fundamental
period of the structure. Unfortunately, these methods require very full and accurate structural
modal data, and current techniques appear better suited to locating localized minor damage than

to quantifying widespread damage.



1.2.5 Modeling Local Damage

The aforementioned methods of damage analysis that examine either individual structural
elements or global damage rely heavily on empirical formulations that require calibration with
damage observed in either laboratory experiments, post earthquake reconnaissance observations,
or both. It is considered that better progress in damage analysis techniques could be made if one
was able to focus on an improved understanding of structural damage at the constituent material
level using established principles of limit analysis, continuum mechanics, as well as fatigue and
fracture mechanics. Once fundamental failure modes can be identified, established principles

of non-linear structural analysis can be utilized to predict their effect on global behavior.

Progress to this end was first made when Mander et al. (1984, 1988a,b) established that
the useful limit of confined concrete columns was related to the first fracture of the transverse
hoop reinforcement. This failure mode was based on equating the inelastic work done on a
concrete column with the energy absorption capacity of the transverse reinforcing steel. The
energy absorption and fatigue capacity of longitudinal reinforcement was further quantified for
ordinary mild and high strength high alloy steels by Mander et al. (1994). An energy-based
analysis of reinforced concrete bridge columns was further advanced by Chang and Mander
(1994a,b). They used a computational mechanics approach to assess and compare energy
absorption capacity and energy absorption demand. Mander and his co workers have continued
these studies and examined the energy absorption capacity of shear-critical square concrete
bridge columns (Mander et al. 1993) and modified circular columns with weak connection details

(Mander et al. 1995 and Mahmoodzadegan, 1995).

The present research seeks to examine the aforementioned work by systematically

identifying possible failure modes and analyzing the energy absorption capacity to failure.



1.3 SIGNIFICANCE OF CURRENT RESEARCH

The importance of ductility as a principal design parameter cannot be overlooked despite

its limitations. The assessment of the damageability of a structural concrete components require

the quantification of number of inelastic cycles that can be sustained at a particular plastic drift

(or plastic rotation or curvature) amplitude. By limiting this research to the study of reinforced

concrete bridge columns and their connections it may be observed that failure of such

components can occur by either one or a combination of the following modes.

iii)

Flexural failure of concrete in unconfined columns.

Flexural failure of concrete resulting from the transverse hoop fracture. This is
particularly significant for columns that rely on a confined concrete core to resist
applied moments at large plastic curvature.

Failure of the connections by either:

a) bond failure of the lap-splice zone at the ends of columns

b) anchorage-bond failure within the connection

c) joint shear failure adjacent to the column

Failure of confined core concrete due to compression buckling of the longitudinal
reinforcing bars.

Failure of longitudinal reinforcement due to low cycle fatigue.

Shear or flexure-shear failure of the column outside the potential plastic hinge

zone.

An evaluation of the ultimate plastic drift capacity for each of the individual failure

modes is considered to be an important step both from an analysis and design point of view.

The present work looks into the whole problem from a new perspective of energy balance to

come up with a rational approach that assesses the energy absorption or cyclic capacity for a

given column. This can then be compared with energy absorption or cyclic demand for design
earthquakes (Chang and Mander, 1994b).



1.4 SCOPE OF THIS STUDY

This study is made up of two portions: theory and validation. In the initial theoretical
portion various failure modes of unconfined column sections are studied using an energy
approach. These include: (i) flexural failure of concrete in unconfined columns; (ii) failure due
to loss of bond in anchorages; (iii) failure due to loss of bond in lap splices and (iv) failure of
core concrete due to compression bucking of the longitudinal reinforcing bars, (v) failure of
longitudinal reinforcement due to low cycle fatigue and (vi) shear failure. Each section first
derives the underlying theory for the respective failure modes and then goes to present a
numerical example to illustrate how this may be used in practice. For this purpose, a bridge
system, as illustrated in figure 1-1, is chosen. A typical pier bent shown in the same figure
which is a part of a multispan concrete slab on steel girder bridge is utilized for the numerical
example. Each span of the bridge is 20m in length and the deck is 12.5m wide. For simplicity
it is assumed that the effective deck weight (girders + concrete + guard rails) to be 7 kPa. The
pier is typically 915mm (36 in.)) in diameter, reinforced with 16—28 mm (#9) diameter bars. The
assumed specified (design) material strengths are 276 MPa (40ksi) for steel and24 MPa (3500 psi)
for concrete. However, a seismic evaluation should be based on the probable material
properties. Therefore, a yield strength of 330 MPa for steel and f! =45MPa for concrete is
assumed. The lateral reinforcement in the columns consist of 10mm (#3) circular hoops with a
spacing of 305mm (12 in.). The clear cover is 51mm (2 in.). The axial load ratio (P,/ fZ Ag) in the
central column is assumed to be 0.04. Depending on the failure modes to be illustrated, the
height of the column is varied. Note that this is a typical example of a non-seismically designed

bridge pier found in abundance in the central and eastern United States.

The latter portion of this report deals with the validation of the theory. For this purpose
experimental results reported previously by a number of different investigators are utilized. It
should be emphasized here that there is a paucity of experimental results where a distinct mode
of failure for a given specimen has been defined and documented by previous investigators.
Every effort has been made to identify such well documented data and utilize it herein. More

often than not, however, investigators conduct their experiments and terminate testing just prior
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to a decisive failure. For such tests it is necessary to compare the overall results with envelopes
of the theoretical failure modes identified in this study. Finally, conclusions drawn from the

study are presented in Section 11.

[ 12.5 m. |

h (varies)

A A

L e

10 mm HOOPS @
300 mm c/c.

) L_
cover 51 mm.

(el.) T

16-28 mm 915 mm.

SECTION A-A

Figure 1-1 Illustrative Bridge Pier used in Numerical Example.
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SECTION 2

FATIGUE FAILURE THEORIES FOR UNCONFINED CONCRETE COLUMNS

2.1 INTRODUCTION

Fatigue may be thought of as the progressive accumulation of physical deterioration of
a material under repeated load applications, which eventually leads to failure. Each load or
displacement cycle inflicts a certain amount of irreversible damage. The number of cycles
necessary to cause a failure at some stress (or strain) level is referred to as the "fatigue life" of
the material. A generalized strain-life (S-N) plot is shown for 1 to 10 million cycles in figure
2-1. If stresses are kept below a certain threshold, the material life may be indefinite. The
stress threshold at which this limit is attained is referred to as the "fatigue limit", and for most
materials is considered to be in excess of 2 million cycles. If the material does not yield the
fatigue life may be substantial, this is commonly referred to as the high cycle fatigue. Low
cycle fatigue failure occurs when inelastic material behavior is encountered. Earthquake loading
is characterized by only a few large amplitude cycles, thus low cycle fatigue failure modes are

of specific interest for earthquake engineering applications.

When cyclic loading is imposed, the behavior of structural concrete members is
somewhat different than when monotonic loading is applied. Previous experimental observations
indicate that the strength capacity of a structural concrete member decays as the number of
inelastic loading cycles increases. This phenomenon can be explained and even quantified by
considering energy concepts where the external work applied to the member (EWD) is equated
with the structural elements’ internal energy absorption capacity IWD). At failure, this can also

be expressed as:

EWD = IWD @2-1)

Energy-based seismic evaluation procedures were first introduced by Mander et al. (1984)

for columns under concentric axial compression. Computational modeling using fiber elements
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also enabled the prediction of first hoop fracture of columns under combined axial load and

reversed cyclic flexure.

In a recent study a new energy-based approach was proposed by Mander et al. (1993)
to determine the fatigue capacity of structural concrete sections. This method, which is based
on using energy considerations assess the rate of strength loss due to repetitive cyclic loading
from the initial flexural strength capacity to the final residual strength which is based on rocking

or sliding of the column.

The initial lateral strength capacity is taken as the one corresponding to the nominal
flexural strength. If the initial shear strength is less than the nominal flexural strength, then the
member is shear-brittle and failure will generally occur by diagonal shear cracking. This
analysis procedure has not yet been advanced to the point where it may be utilized for brittle

shear deterioration assessment.

Damage analysis of unconfined concrete beam columns can be performed from first
principles at the section level. An energy approach similar to the one adopted by Mander et al.
(1988a,b) may be used to assess the cyclic capacity (cumulative drift) of concrete. The basis
of the damage analysis assumes that the external work done (EWD) on the compressed concrete

is equal to the internal work or energy absorption capacity (/WD) of the entire concrete section.
2.2 THEORETICAL DEVELOPMENT
2.2.1 External Work Done on Section

Consider the concrete cross-section shown in figure 2-2. The external moment applied
to the section may be considered as a series of force components acting at various localities on
the section. The applied concrete compression force C, is what consumes the available energy
absorption capacity. In terms of the familiar stress block parameters C, = of.pcb, where
f, = unconfined compression strength of concrete, » = section width, « = average concrete

stress ratio, B = stress block depth factor and ¢ = neutral axis depth from the extreme

11



compression fiber.

If N, is the number of completely reversed cycles, then the external work done on the

section is given by:

EWD = C, x ¢, x 2N, (2-2)

where e, = plastic strain amplitude at the location of the concrete compression force and 2N,
denotes the work done on each forward and reverse half-cycle. From the compression strain
triangle shown in figure 2-2, the plastic strain at the center of the triangle is ¢, = 0.5¢,¢. This

location may be approximated as the center of the force ¢, (implying g = 1), thus

EWD - C, x (¢,, <) <o, @-3)

Therefore, the applied external work that causes deterioration of the section capacity is.

EWD = NCb,c -9

2.2.2 Internal Work or Energy Absorption Capacity of the Section

The internal work capacity of the unconfined concrete at the critical section is given by

3

WD = A, [ f.de -5
0

where the integral is actually the area beneath the unconfined concrete stress-strain curve and
4, = the gross area of the concrete cross section. In absence of a more precise analysis, the
integral can be approximated as 0.0087,. Note that this is the amount of energy required to cause

compression failure of an unconfined concrete section.
2.2.3 Damage Analysis Using Energy

Equating the total external work done on a concrete section to the internal energy

absorption capacity EWD = IWD. Thus setting equation (2-4) equal to equation (2-5)

12



NC.6,c=4, [ fde (2-6)
0

Dividing both sides of equation (2-6) by fc’Ag and rearranging the terms, a classical (§-N)
fatigue-like relationship can be derived in terms of dimensionless plastic curvature (¢,D) and

reversals to failure (2N,):

0.016 -
@,0) = —22 - (2N
: ] A o

D

c
fiA,

where D = the overall depth or diameter of the section.
The plastic rotation can be determined from an equivalent plastic hinge length given by

6, = ¢,L, = 4,D)(L,/D) (2-8)

where the equivalent plastic hinge length can be obtained from the equation suggested by
Priestley and Paulay (1987)

L, = 0.08L + 4400 ¢ d, 2-9)

where L = length of the column (from the maximum moment to the inflection point), ¢, andd,

are the yield strain and diameter of the longitudinal reinforcement.

Cumulative plastic drift capacity may be defined as 26,.=6,(2N,), therefore from

equation (2-7) it follows:

5o, o 0016(,/D)
(¢, (c) (2-10)
)

Note that the cumulative plastic drift is defined as the sum of all the positive and negative plastic

drift amplitudes to a given stage of testing. For example, if a specimen with a yield drift of
0.25% (0.0025 radians) is cycled five times to a drift of +3% then the cumulative plastic drift is
5 x2 x (0.03 - 0.0025) =0.275 radians.
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The level of damage to a structural member can be determined by comparing the amount
of strain energy dissipated to the total strain energy stored in the undamaged structural member.
When inelastic cyclic loading is applied, the strain energy dissipation is considered to be

accumulated. Expressed in terms of column end to end plastic rotation, the cumulative damage

index is defined by

D . = 0, (2-11)
c zepc

where 26, is the current cumulative plastic drift up to the i-th half cycle.

Assuming the moment capacity contributed by the concrete is gradually consumed by the

propagating level of damage, then at the end of the i-th cycle, the modified ideal capacity M, can
be evaluated through

M, M M, X0 .
“to1-C2p =1-_°5 pi 2-12)
Mn Mn “ Mn 26I’C

in which 2D, = accumulated damage, 26, = cumulative plastic drift, M, = nominal moment
capacity which is assumed to be the sum of the steel moment capacity M, and the concrete
moment capacity M, generated by the eccentric concrete stress block and expressed as

(a) for a rectangular column

M, = o.sch(1 - p%) @-13)

(b) for circular column

M, = o.sccp(l ~12p '103) @2-14)

where C, = concrete compression force ¢/D = neutral axis depthratio and p = stress block depth

factor.

Equation (2-12) can be suitably modified to suit rectangular and circular column sections.

The case of a rectangular section is examined first.

14



(@) Rectangular Section: C, for a rectangular section can be expanded as follows:

C, = aBfl(D) (%) - uBﬂAg(g) @15

Thus, in terms of a neutral axis depth ratio

c (4
| - aB(—) (2-16)
1.4, b
Substituting into equation (2-7) gives
@,p) = 2016 azﬁ @N)* - 0‘0162 2N
C, 2B (3) @-17)
fiA, b

neutral axis depth ratio (¢/D) in equation (2-17) can be found from force equilibrium on the

column section which requires

P,=C,+C -T, » (2-18)

where P, = the applied axial load and C, and T, are the forces provided by the longitudinal

compression and tension reinforcement, respectively.

Consider the column sections shown in figure 2-3a. Let n denote the proportion of
longitudinal steel arranged in the topmost and lowermost layer of the section. Thus for a
symmetrical four bar column as in figure 2-3a(i) n = 1 and the column section in figure 2-3a(ii)
with the longitudinal steel equally arranged in at the four sides, n = 0.5. However, for the wall
section shown in figure 2-3a(iii) assuming bending about X-X , n = 0 and for bending aboutY-Y
axis n =1 . Assuming that under large curvature all the steel yields (such an assumption is
commonly made in plastic analysis), from figure 2-3b it can be seen that the tension and
compression forces due to n A, on the top and bottom layer equilibrate each other, and hence
the remaining steel (1 - n)4,, distributed along the sides over a depth D - 24’ of the section with
a total thickness ¢ given by

G-, v4,

= (2-19)
D-2d (D-2d)
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(i) »=10.5 (ii) = 0.0 (iii) y=1.0

(a) Reinforcing Steel Configuration Factor

(b) Equivalent Reinforcement Strip

Figure 2-3 Showing Reinforcing Steel Configuration Factor and Equivalent Reinforcement

Strip.
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where y = (1 -1), d’ = the effective cover from the extreme fiber to the center of outer layer
of longitudinal bars. Out of this yA4, a part will be in tension and the rest in compression.
Assuming the compressive force in a steel strip of thickness ¢ and depths ¢ -d’ equal to a tensile
force in a strip of same dimension below the neutral axis, the net tensile force in steel can be
assumed to be concentrated in a strip of thickness ¢+ and depth (D -2¢) érranged symmetrically

about the neutral axis. Thus equation (2-18) can be revised as

P,=C -T (2-20)

where T/ is the tensile force in the strip of depth (D -2¢), thus

(1 -2¢/D)

T, = t(D -20)f, = Y p,f,4, 2 1D) (2-21)
Putting the values of ¢, and 7] in equation (2-20)
P e (5] - vosa, Q2D e
Solving for the neutral axis depth ratio gives:
( P, ] . [ Y o flf
) _ \f4,) \1-247D 2-23)

(4

5
[“B + —ZY P,};/fg
1-2d'ID

where p, = volumetric ratio of the longitudinal reinforcement (4,,/4,), f, = yield strength of the
longitudinal reinforcement, y = reinforcing steel configuration factor (refer to figure 2-3a). For
the general case of rectangular column ¥y is the proportion of the total reinforcing steel area that
exists in each of the two sides of the member. Specific cases are as follows:

. for square sections with reinforcing steel placed symmetrically around the

perimeter y =0.5

. for rectangular sections (beams) with the steel lumped at the outer faces (top and
bottom reinforcement in case of beams) y =0.0

. for wall sections with two layers of steel running parallel to the long sides; when

bending is about the strong axis y =1.0 and when bending is about weak axis y =0.0
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The stress block parameters («p) appropriate for large curvatures should be used. For
ultimate limit state conditions it may be assumed that « = 0.66 and g = 1.3 - 0.01fc’ (MPa) but
0.75 < p < 1.00. Equation (2-23) can be substituted into equation (2-17) wherein it is possible
to obtain classical S-N like fatigue relationship for a rectangular section. Also by taking
moments about the reference axis (centroid) of the section the steel moment capacity for

rectangular sections (see figure 2-3b) can be expressed as

d/

c
M, = O.ZSAM}‘YD[I—ZB)+O.5AnfyD[1—-—D—-— (2-24)

where the symbols are the same as explained previously.

(b) Circular Column: Analysis of a circular column section can be carried out in a
manner similar to a rectangular section. However, it should be noted that the concrete
compression force is more difficult to derive. To determine the concrete compression force (C,)
consider a circle of diameter D having a chord bisected by a diameter as shown in figure 2-4a.
The ratio of the area in compression 4, to the gross area 4, can be written as

A
(_c] - Ly -siny) (2-25)
2n
exact

4

where ¢ = angle subtended at the center by the chord= 2cos™(1-2¢/D). Using a regression

analysis, Kim (1996) showed that the equation (2-25) can be approximated to

[ﬁ;‘ﬁ] =132 (g .2)1'38 (2-26)
A D

-4

which is valid for ¢/D < 0.5 as demonstrated by figure 2-4b. Thus concrete compression force

for a circular column can be approximated as
_ / A 2-27
c, =132 achg(B B) @27
where « = average concrete stress ratio, p = depth ratio of the concrete stressed in compression,
A, = gross concrete area, and D = outside diameter of the section. Normalizing equation (2-26)
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(b) Relationship between Stress Block Depth and Compression Area.

Figure 2-4 Determination of Area of Compressed Concrete in a Circular Column Section.
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c 1.38
= 1.32 a(B B) (2-28)

Substituting into equation (2-7) gives

0.012

NGIESETEE

“(2N)! (2-29)

The neutral axis depth for circular sections can be computed from force equilibrium
requirements. Considering that in a circular section, the total area of longitudinal reinforcement
is evenly distributed all along the periphery of the column all of which yields under large
curvatures, it can be shown in similar way as a rectangular column that force equilibrium of the
column section requires

_ 1-2¢/D | 2-30)
P, =C, - 054,f | —=I= (
- ’( 1 —2d’/D]

where all the symbols are easily identifiable.

Using equations (2-28) and (2-30), the neutral axis depth can be expressed as:

—

0.725
P, S, (1-2¢/D
+ 0.5 pt - ——/ (2_31)
o _ 1|f4, f\1-2d'1p
D B 132 «
This non-linear equation may be solved easily by fixed-point iteration.
The steel component of the moment for circular sections is also given by
e d
d’ ¢c d|\\D D B
M, - o.25As,fyD(1-2-D-) O.SAs,fyD(1~—5—3) ” (2-32)
D

[-+3)

with the symbols as explained previously.
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Circular Column

Figure 2-5 Sectional Parameters in Rectangular and Circular Columns.
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2.2.4 Summary of Damage Evaluation Procedure

Step 1.

Step 2.

Step 3.

Step 4.

Determine the neutral axis depth ¢/D. For rectangular sections

bl

use equation (2-23):

P. ). Yp,f,/fc'
(c] fc/Ag 1-24d'|D

<) -
(aﬁ . 21 edR
1-2d'ID

and for circular sections, use equation (2-31):

0.725
P -
P +o,sp,&(1_2c#]
< =l f;‘Ag fz 1—2d/D
D B 1.32 a

Determine the concrete compression force ratio CC/fc’Ag.

For rectangular sections use equation (2-16):

ﬂi] ~<i(3)

and for circular sections use equation (2-28)

C c\138
£ =132 a(B —)
D

4,

Determine the equivalent plastic hinge length L,

using equation (2-9):

L, = 0.08L + 4400 ¢,d,

Determine the cumulative plastic drift capacity 26,

using equation (2-10):

(UC-1a)

(UC-1b)

(UC-2a)

(UC-2b)

(UC-3)

22




Step 5.

Step 6.

_ 0.016(L,/D)
)
a,)\P

Determine the proportion of the moment capacity that is

PC

contributed by the concentric concrete stress block, M, /M, .

For rectangular sections, use equation (2-13):

4
M, = o.sch(l - 3—5)

and for circular sections, use equation (2-14):

4
M, = O.SCCD(I -128 B)

Finally, applying the damage model given by equation (2-11):

20 .
EDci =
Z0,c
and the model for strength degradation, model given by

equation (2-12):

Mi Mc c Z6 i
—t=1--_S3%D,=1- P
Mn Mn Mn 26PC

the modified theoretical strength capacity may be determined as a

function of the actual (experimental) cumulative plastic drift

history.

(UC-4)

(UC-5a)

(UC-5b)

(UC-6a)

(UC-6b)
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2.3 NUMERICAL EXAMPLE

The fatigue evaluation procedure described so far is explained with the aid of a numerical
example in the following. A circular column illustrated in figure 1-1 is chosen for the purpose.
The height of the central column in the pier bent is chosen to be 6100 mm (250 in.). This analysis
is carried out in the transverse direction where the column is restrained completely at the top and
bottom by relatively stocky cap beam and foundation. As a result, only half of the column (i.e.,
3050 mm), which is the height of the equivalent cantilever will be used for the analysis. This is

illustrated in the following.

fe 12.5 m. )
| r
I I I I I

e B e Y e S = e T =
T
6100 mm.

A A
=
ref. DET1 D10 HOOPS @
305 crs.
1
J L

cover 51 mm.
(cl.)
T Unconfined
Concrete
16-29 mm. 915 mm.
SECTION A-A B DETAIL - 1

Figure 2-6 Illustrative Bridge Pier used in the Numerical Example.
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Civen Data

Diameter of the column D = 915 mm.

Height of the column  H = 6100  mm.

Nutnber of longitudinal bare  n =16 of diameter d}, =26 mm.
Diameter of horizontal bars dpy, =10 mmandspacing o = 505 mm.
Clear cover in the column  cov := 51 mm.

Unconfined compression strength of concrete  f = 45 MPa

Yield strength of longitudinal reinforcement fy =350 MPa

Yield strength of horizontal reinforcement f vh ~ 350 MFPa

Axial load ratio in the column (I’e/f'(;A{a ) denotedby P = 0.04

1. Neutral axis depth ratio:

n d b2
Longitudinal reinforcement ratio py = ., > py =0.015
D
Effective cover d = cov + dbh + 0.5'01[7 ----- > a4 =75 mm.
Core diameter D” =D - 2'cov - d bh T > D” = 803 mm.

Stress block parameters o = 0.66 and B =13 - 0.01015:F  ----> P =0.8433

Let the c/D ratio be denoted by cD, .. As an initial value of this quadratic assume

CD l”at = 0.2
10.725
fy 1- 2D rat
Prag - 00 Py r
c
1-2—
D
cD rat - root L 31'5‘5 - cD er1;,cD rat
1.32 o

L

oD pp = 02071
25




Gross cross sectional area Ag = O.25'1'c'D2 ————— > A@ = 6.5755-105 mm?2
Core cross sectional area A cc T 0.25'm D”2 ————— > A cc = 5.0645-105 mm
c ion f C . -132ra(peD.. \"P0F oA
oncrete compression force c <152 <B c rat> ¢y
¢ c
Concrete compression force ratio N 0.0784
¢ g

% Equivalent plastic hinge lenat!
Young’s Modulus of longitudinal steel ~ E j = 200000 MPa

f
Yield strain of longitudinal steel Ey ~ Ey~ —————— > gy = 0.0017
5
Equivalent plastic hinge length
H
LP = O.O&'—Z- + 4400'ey-al|7 ——————— > LP = 44726 mm.

c
M. =05C_ D (1-12BcD | - > — = 0.0%1
c c rat A
< > fe Ag D
From ACI type analysis, nominal moment M, = 1.65'109 N-mm.
M¢
Therefore, — = 0.5064
Mn

26

2




7. Application of the damage model
M,/ M, =1- M,/ M, (26, / Z6¢c)
Above equation is plotted i figure 2-7. note that beyond Z0 pi ~ Z0pc MM,

M
c
becomes horizontal at - — = 04916 At this point the concrete damage is

n

complete and the damage index valus is %D,=1.0. this ordinate also denotes the ratio
of the moment contributed by the longitudinal steel to the nominal moment (Mg / M)
as pointed out in the same figure.

N, =1
0.016 / »
®pD c -(2-N0>
° .o
i CYrat
Fehy

This equation is plotted in figute 2-8 for N values ranging betweem 1 and 100.
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Mi / Mn

DIMENSIONLESS PLASTIC CURVATURE

‘ )
0.8- Equation 2-12 M,
. Mn
0.6 v
A
0.4
] M,
0.2- Mn
0 T T T I'
0 0.25 0.5 0.75 1

CUMULATIVE PLASTIC DRIFT

Figure 2-7 Showing the Unconfined Concrete Damage Model.

j I

Equation 2-7

s

0.1

L IO SN N N N

0.01 L 1 L T 1 L ) 1 1 T T L
1 10 100

NUMBER OF CYCLES TO FAILURE (Nc)

Figure 2-8 Showing the Unconfined Concrete Fatigue Model.
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SECTION 3
ANCHORAGE ZONE FAILURE

3.1 INTRODUCTION

Failure of a column due to loss of bond and anchorage is yet another failure mode which,
ideally needs to be prevented. This can be perceived using the principles of capacity design.
Based on full-size prototype and one-quarter scale bridge pier experiments, Mander et al. (1993)
proposed an energy based strength deterioration model to explain failure unconfined concrete
bridge piers. However, the above-mentioned theory implicitly assumes that the concrete is well
anchored in the cap and in the foundation, thereby eliminating any chances of anchorage failure.

This section seeks to advance Mander’s energy-based methodology and tries to explain the

phenomenon of bond failure.

3.2 STRENGTH DETERIORATION THEORY DUE TO LOSS OF BOND IN ANCHORAGES

The degradation of strength of unconfined concrete is progressive. The process starts
with the onset of plastic displacements. The strength deterioration model described in the

previous section and restated here can therefore be used for this purpose.

G-

F, M, M, 6,
t=1-_t3p,=1-—=<_2
F, M M, 26,

n

in which F, and M, are the nominal lateral flexural strength and moment capacities,
M, = moment in the column resisted by the eccentric concrete stress block and

YD, = cumulative damage to the unconfined concrete up to the i cycle of loading.

The adhesive bond within the embedment zone of a longitudinal rebar anchorage is
assumed to be progressively destroyed by the propagating yield stresses from the end zone of
the column. The yield force can be sustained, but as soon as all the adhesive bond is destroyed,
there will be a sudden drop in the moment capacity (AM,). The remaining moment that can still

be sustained by the column will be governed by the residual bond force which is primarily
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dependant of friction.

Assuming that the total moment capacity is made up of steel and concrete components

Mn = Ms + Mc (3-2)

the loss in the steel component of the moment capacity (AM,) is given by

AM, = [ - &]Ms (3-3)
%

AR
M 5 ’ M

n n

or

where f,, = residual bond stress in the rebar, £, = yield stress of the longitudinal reinforcement,

and M, = moment capacity of the longitudinal steel.

By determining the cumulative plastic drift 6,, at which all the adhesive bond is

consumed, it is possible to compute the strength prior to anchorage failure, thus

B _ M T 3-5)

1
Fn Mn Ee}’C

And the strength immediately following the anchorage failure (which occurs over one cycle with

a plastic drift change of 28,)

E _F _AM (3-6)
Fn Fn Mn

Substituting equations (3-4) and (3-5) into (3-6), one obtains

_ B0y Sy 3-7)
20,0 F,

ﬂ:&-{-%
F, f, M,

Following the anchorage failure the concrete continues to decay as per
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F, F, M,_(Z6,-16,,+26)

o2 e (3-8)
Fn Fn Mn 2eI’C

until the residual rocking strength (F,) is obtained which is given by the lesser of the rocking

strength (F,,,,) or the sliding strength given by

Foung = B W (39

where p, = coefficient of friction assumed to be 0.7 according to the recommendations of Paulay

and Priestley (1992) and w = gravity weight.

At the final stage after column strength is lost, the resistance of the column is entirely
governed by the axial compression force on the column with or without the contribution from
the reinforcement. The ability of the reinforcement to resist the lateral load will solely depend
upon the level of residual stresses left in the bars after bond failure. Thus the simplified
sectional analysis introduced in Section 2 can be used to evaluate the moment of rocking
resistance (M,). However, it will be assumed that considerable crushing takes place at this stage
and thus a reduced section excluding the cover up to the centerline of the hoops will be
considered. Using the same equations from the neutral axis depth modified to account for the
reduced section, the moment of rocking resistance (M,) can be obtained as a combination of the

modified steel moment (M) and concrete moment (M/). Thus for a rectangular section

4
M. =05C D”(l - -C—] (3-10)
cc D//
and
" Vi " " /i
M =0254,f,D"[1-29 | + 054 f,D"[1-_ - |[c . L @-11)
D// T D// D// D// D//
with

31



P\, [ yedulft
el f:Ag 1-24"1p”"

" (3-12)
b Acc 2Y pt rb/fcl‘
@ A T
g 1-.09"
D/l
For circular sections
, p Py
M;=05C_ D"[1-12— (3-13)
D//
and
M, - 0254,7,0"[1-292) + 0547, p"[1- < -4 )" d” (3-14)
n D// n D// D// D// D/l
with
0.725
L. gy (12100
o _|s4g, g \1-24"D" (3-15)
" A
D 132 =
A

g

In the above equations, f,, = residual bond stress in the longitudinal rebar, 4, /4, = ratio of the
core to gross area and other sectional dimensions are as explained previously. Note that the
stress block parameters appropriate for large strains should be used and « = 0.3 and g = 1 are
to be assumed as per Mander et al. (1997). Also, €, which denotes the compression force in
the core concrete is given by C, =0.3¢”/D"f/A_ and C,, =0.396 (c"/D")**f.4__ for rectangular and
circular sections respectively. Note that for cases where there is no residual bond stress, the
rocking moment of resistance entirely consists of the concrete component M,. Thus the rocking
strength can be expressed as:

p L IM, S(M. + M) (3-16)
rocking g H

where £ M, = sum of the residual moment of rocking resistance for all columns at top and

bottom and H = clear column height.
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The cumulative plastic drift at which the residual rocking/sliding capacity commences is
thus given by
Z0p

z0,, = X0,,+20 + ———
PR PB ) MM,

F2 Fr

_r (3-17)
Fn Fn

where 6, = plastic drift at the current force level. The conceptual concrete and bond

deterioration model is shown graphically in figure 3-1 and discussed in what follows.

3.2.1 Concrete Deterioration

The moment capacity M, generated by the eccentric concrete stress block is given by:

(a) for rectangular sections

M, = o.sch(l - B %) (3-18)

(b) for circular sections
M, = 05C, (1 - 12 3) (3-19)
D
in which C_ = concrete compression force, D = overall depth of the section and ¢ = neutral axis

depth from extreme compression fiber. The neutral axis depth ratio (¢/D) is given by equations

(2-23) and (2-31) for rectangular and circular sections, respectively.

The cumulative damage to the concrete =D, is given by

D, = 2 (3-20

where 26, = cumulative plastic drift and 26, = cumulative plastic drift capacity assuming
concrete damage alone. This was previously shown in section 2.2.3 from work considerations

[equation (2-11)].
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1.0 Nominal Flexural Strength
Strength deterioration due
/ to concrete damage
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-,r 1 cycle i I Residual Strength
>
28pg 26pp ZeP

Figure 3-1 Conceptual Energy Based Lateral Force Vs. Cumulative Drift Damage Model

for Piers Governed by Anchorage and Concrete Failure.
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3.2.2 Deterioration of Bond in Anchorages

The cumulative damage arising from damage of bond to the anchorage zone is given by

20 .
20,

where 26, = current cumulative plastic drift and 26,, = cumulative plastic drift assuming all
damage depends on bond deterioration. The cumulative plastic drift capacity of the bond is

obtained using a virtual work approach:

EWD = IWD (3-22)

(AM)(E 26, = nnd,, [udA, (3-23)

by rearranging one can compute the cumulative plastic drift at incipient bond failure:

nnd, meudAs
E(AM)

(3-24)

20, =

in which AM, = moment contribution of the longitudinal reinforcement relying on adhesive bond,
n = number of longitudinal bars in the column, d, = diameter of the longitudinal reinforcing
bars, & = proportion of the column drift arising from bond-slip (yield penetration) to the total
column rotation, and ¢,, = embedment length of the longitudinal reinforcement. The product= d, ¢,
denotes the surface area of one embedded bar and the integral f udA, is the area beneath the

bond stress slip curve that relies on adhesion bond.

The determination for the cumulative plastic drift capacity %6,, and the integral f udA,
requires an appropriate bond-stress slip model. Although there is no dealt of available materials
in this subject but none of the models can be used for this purpose since most of them relate to
interior beam column joints with a very good amount of confining steel. For the present case
a conservative bond stress slip model such as the one proposed by Malvar (1992) can be used.
Based on the results of Malvar a frictional coefficient of p, = 0.5 can be assumed for the residual

bond stress capacity that exists for slip displacements exceeding 10 mm (3/8 in.).
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Figure 3-2 shows the proposed bond stress slip model resulting from the above-mentioned

analysis. The residual frictional bond stress is given by

Urb = Ky f;:p (3-25)

where p, = 0.5 = friction coefficient and f,, = confinement pressure. The maximum adhesion

bond stress is given by
U, = 2f MPa = 24f psi (3-26)

where £/ = concrete strength.

The integral f udA; may thus be evaluated as

T, = [udAs = (3% U x1) + (U x1) + (3 x Uy x8

(3-27)
= (% xuabxl) +U,B-1) + %(10.5 -3)U,,

U,, = 624U, Njmm?-mm = 0.253 U,, psi-in. (3-28)

where U, = work done to completely break the adhesion bond.

The residual bond stress f, for rebars passively confined by transverse hoop

reinforcement that produces tri-axial confinement stress £, from force equilibrium in figure 3-3

f,6D"™ = 24,,f, (3-29)
and hence
24 Ps -
fz=ﬁfyh=’§‘fyh (3-30)

where s = spacing of the lateral hoop reinforcement with area 4,, and yield strength f, and
D" = core concrete diameter. Note that p, denotes the volumetric ratio of transverse
confinement which for rectangular and circular sections with a single perimeter hoop can be

expressed as
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destroy adhesive bond.
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Figure 3-2 Local Bond Stress-Slip Model for the Assessment of Energy Absorption
Capacity.

lem

Figure 3-3 Computation of Residual Bond Stress.
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P = 0 (3-31)
Now applying vertical force equilibrium
FAp = By (dL, p.fy, (3-32)
from which
PR Y, o, fo Lem (3-33)

24, d,

where d, = diameter and 4, = cross-sectional area of the longitudinal bar, i,, = length of
.embedment and p, = coefficient of friction. Above result is also good for a rectangular section
with a single perimeter hoop. Equivalent expressions can be easily derived for other complex
hoop arrangements. The coefficient of friction (p,) may be taken as 0.5 for low levels of axial

load that are typical for such members.
3.2.3 Combined Anchorage and Concrete Deterioration

As noted above, it is necessary to assess the proposition of the total plastic displacements
that arise from anchorage pullout and flexure. The empirical equation for assessing the
equivalent plastic hinge length gives an appropriate insight into this phenomenon. This equation

takes this form

L =L +1L S (339

where L, = 4400ed, is the effective length of yield penetration and L, = 08L is the effective
length of damaged concrete. As defined earlier, £ is the proportion of yield penetration that also
corresponds to pullout with respect to the overall plastic deformation, thus

4400e,d, _ 4400e,d,

4400¢ d, + 0.8L L

g (3-35)
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3.2.4 Summary of Damage Evaluation Procedure

Step 1. Determine the neutral axis depth ratioc/D. For rectangular

sections, use equation (2-23):

P, [ Y eSS

(£)= fc’As 1-2d/ID

b (aB , 2velR
1-2d'ID

and for circular sections, use equation (2-31):

0.725
P, ., 0-5P,{2 (1-2c/D J
¢  1|FA, f\1-2d'1p
D B 132«
Step 2. Determine the concrete compression force ratio C,/f. 4 .- For

rectangular sections, use equation (2-16):

)

and for circular sections, use equation (2-28):

CC
s

C 1.38
¢ =132 a(B %)

A,

Step 3. Determine the equivalent plastic hinge length L, using

use equation (2-9)

L, = 0.08L + 4400 €,d,

Step 4. Determine the cumulative plastic drift capacity 26,. using

equation (2-10):

(JA-1a)

(JA-1b)

(JA-2a)

(JA-2b)

JA-3)
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Step 5.

Step 6.

Step 7.

Step 8.

_ 0.016(L,/D)

hd C, (c) (JA-4)
ra )\P

Determine the component of the moment contributed by the
eccentric concrete stress block M,. For rectangular sections,
use equation (2-13):

M, =05 ch(l - B _C_) (JA-52)

D

and for circular sections, use equation (2-11)

M, = o.sch(l -128 %) (JA-5b)

Determine the residual bond stress £, (equation 3-33), strength
loss ratio due to bond failure AM,/M, (equation 3-4) and energy required

to break the adhesive bond U, (equation 3-28):

_ ll-b‘irdble;,, P_,-fh _ lem i}
fo s T T e R (JA-6a)
i PR/ S (JA-6b)
M, f, M,
U,, = 12.48f. (MPa) Njmm?*-mm. JA-6¢)

Determine the cumulative plastic drift at incipient bond failure =6,

using equation (3-24):

56 nndbomfudAs
PB = 5(AMs)

Determine the strength ratio at incipient bond failure F,/F, using

equation (3-5):

JA-7)
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Fy | _ M Zo,
F n n z;eI’C
Step 9. Determine the strength immediately after the bond failure
F,| F, using equation (3-7):
_17_2 = ‘& + %E 1 - &E - Lb
F, fy M, 20, fy
Step 10. Determine the rocking strength F, using the lesser of
equations (3-9) and (3-16):
Foing = Bs W

M, IM.+M)
Frocla'ng = =
H H

where for rectangular sections, use equations (3-10), (3-11)
and (3-12)

/ ) P C//
Mc = O'SCCCD 1 - —D-—”'

D" p" p')\p" D

Pe + v pt rb/fg
" A 1-24d"|p"

" /I " /" "
M! = 0254, ,,,D”(l -21-) + 054, ,bD”[l - £ -i_)(ﬁ_ - i.)

/"
D LA, 2o - M
V4
4, 1 _2d_
D//

and for circular sections, use equations (3-13) through (3-15):

/ p C//
M, =05C,_D"|1-12—
D"

JA-8)

JA-9)

(JA-10a)

(JA-10b)

(JA-10¢)

(JA-10d)

(JA-10e)

(JA-10f)
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/" " " // "
M/ = 0254,f,0"|1-29 | + 054 7, D"[1 - - d")(e2 _ 4" (JA-10g)
D// D// D// D// D//

(1 2C”ID”] 0725

f
o fZ " 7 \i2a7p7 (JA-10h)

A
A

Step 11. Determine the cumulative plastic drift at which rocking commences

Z6,, using equation (3-17):

26 EePB"'Z ep + z ePC [F F (JA'II)

M/MFF

Step 12. Determine relationship between nominal strength and cumulative

plastic drift in the form

=1-Cxo, JA-12)

’Hl"q
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3.3 NUMERICAL EXAMPLE

The energy-based theoretical model described in the previous section can be explained
‘'with a numerical example. The same column used in section 2.3 is chosen. However, it is
presumed the failure due to the loss of bond in anchorage occurs at the junction of per cap and

the central column. Relevant details are given in figure 3-4.

12.5 m.

! I L I I
&

= N

™ 7T
=1

- ‘ /
ref. DETA D10 HOOPS @

305 crs.

6100 mm.
A A
| D10 HOOPS @
305 crs.
-
J _

cover 51 mm.

(cl.) T T T
l 762 mm. : Bond I;ailure
16-28 mm. 915 mm. ~ in Anchorage
SECTION A-A DETAIL — 1

Figure 3-4 Illustrative Bridge Pier used in the Numerical Example.
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Carried over parameters

Unconfined concrete compression strength £ . = 45 MFa.

Diameter of the section D = 915 mm.,
Effective cover d =75 mm.

Core diameter D” = 803 mm.

L
Plastic hinge length ratio FP = 0.4666

Neutral axis depth ratio cD rat = 0.2071
C c

Concrete compression force ratio = 0.0764
¢ A
g
Cumulative plastic drift capacity considering concrete damage 20 pc = 04816  rad.

M
Normalized concrete moment ratio ——— = 0.031
c ‘D
9
M c

Ratio of concrete to nominal moment = 0.b0&4

n
These values are obtained from Section 2.3 and correspond to Steps 1 through 5.

Also provided embedment length | = 762  mm.

6. Residual bond stress in the rebar

Volumetric ratio of lateral reinforcement — p g =
Consider coefficient of friction  p}, = 0.5

For rebars passively confined by transverse hoop reinforcement that produces triaxial
confinement, the residual bond stress is given by

'em 1crb

fp = Z'Hb'pe'fyh'g{; ——————— > o= 11.5195 MPa. ------ > — =0.0349
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Losain "y | -

frp Me &
AM‘5 =My 1- —|"|1-—] === > AM5 = 7.86275+10 N-mm.
f M
y n
AM s
and hence the ratio —M— = 04744
n

U,y = 12'43.\/:0 ______ > Ugp = 83.7164 N/mm2-mm

Proportion of inelastic displacements caused by anchorage damage

é = m=mees > é = 0-4545
L

Cumulative drift necessary to cause anchorage bond failure

0 Ay Ve lom 0 o = 0.2524 4
- - > = (0. raa.
PB fam, PB

&. Force just prior to bond failure
2'M

n
Nominal force capacity F, = v
M. Z0pp F
Fp=Fplt-———| - > — =07335
My Z0pc n
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10. Residual rocking strength

Residual rocking strength is given by the lesser of the sliding and rocking strength.
Assuming a coefficient of sliding friction

Hg =07 ; W=FPragfohy

- . 8 5
F5||d|ng - p’g wo e > F@Ildll’lg = 8.2652+10 N,
Calculati ¢ rocki .

Let the ¢"/D" ratio be denoted by ¢ .. As an initial value of this quadratic assume

Crap =02 Ao @ =03 and  d" - 05 (dy,+dy)

” 10.725
o 05 fep 172707 5t
..'_ . . .
rat Pt P e
- 20—
” 2 D” ” ”
¢’D” gt = root 2 T CoratC rat
1.52'(1’—2
D

D" 4y = 01329

A

Modified concrete compression force C cc T 1.52'0c'<c”D” >1'58 o Pee

rat

) L R . D, _ R ot ’ — o 8
Hence, Mg = 05:C oD (1-12:6°D" oy | -==-> M = 4136110 N-mm.

)
Aleo for Ay = pt'Ag ————— > A =9.852:10 mm?2
,’ d”
51 :-025A5tfrbD 1—253 and
” ” d”
e D pat - D’
Mgp = O5'A5t'frb'o”'<1 AL E) 4
1-2




7
Thus, M _ = M’51 + M N > M’g = 2.6113°10 N-mm.

5
_ M c M S 5
Hence, F I”OCkng = W ———— > F rocking = 1441710
F rocking
Normalized rocking strength —F— = 0.2005

n

These values are plotted in figure 3-5.
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0.75+

Fi/Fn

0.5

0.251

0 0.1 0.2 0.3 0.4 0.5
CUMULATIVE PLASTIC DRIFT

Figure 3-5 Energy Based Strength Deterioration Model Applied to the Illustrative Bridge

Pier Example.
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SECTION 4
LAP SPLICE ZONE BOND FAILURE

4.1 INTRODUCTION

A lapped splice transfers force from one bar to another through the concrete surrounding
both the bars. At any point in the splice, forces are transferred by bond from the bar to the
concrete and simultaneously from the concrete to the bar also by bond. Figure 4-1 shows such
splitting cracks for circular and rectangular sections. This section presents a theory that analyses

the failure of bond in the lap splice zone and goes on to give a numerical example.

4.2 THEORETICAL DEVELOPMENT

The theoretical model developed for failure due to loss of bond in the anchorages can be
adapted for failures dictated by the loss of bond in lapped splices as well. However realizing
that for failures in the lapped splice zone, the longitudinal reinforcement shears a portion of the
concrete during pull-out, an appropriate model is required for determination of £6,,. An energy
based formulation as before can be used where the external work done is equated to the internal

energy absorption capacity of the sheared concrete surface. Thus,

EWD = IWD @D

AM,EX6,, =

n(D'-d,) + Zn(d’ +%) ] L,G, @2)

in which A M, = moment contribution of the longitudinal reinforcement relying on adhesive bond,
n = Number of longitudinal bars in the column, d’ = effective cover (as shown in figure 4-1),
d, = diameter of the longitudinal reinforcing bars, & = proportion of the column drift arising
from loss of bond in the lapped splice to the total column rotation = 1.0 , D/ = pitch circle
diameter, L, = length of the lapped splice and G, = energy per unit area of the cracked surface.
Note that the term in the right hand side of the equation 4-2 in square brackets denote the total

surface length of the crack.
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.. o) 90

Figure 4-1 Splitting Cracks in Circular and Rectangular Column Sections.
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The evaluation of the energy per unit area of the cracked surface (G) requires an appropriate

model. According to Morcos and Bjorhovde (1995), G, can be expressed as

G, = 0.23664 ¢, hf, @3

where ¢, = ultimate strain in the tensile softening curve for concrete =0.002, f, = tensile strength
of concrete =~0.1f/, and h was determined by Bazant and Oh (1983) as three times the maximum

aggregate size. Thus,

G, = (0.23664)(0.002)(3ag)(0.1f’c) = 0.00014]‘Zag 44

where f/ = unconfined compression strength of concrete and a, = maximum aggregate size.
Combining equations (4-3) and (4-4) the cumulative plastic drift at incipient lap splice failure

3. 6,, can be expressed as

Lsp(0.00014f’cag) 4-5)

[n(D’—db) + 2n(d’+%]

Y0, =
PB AMs

Using the same convention as for anchorage zone failure, the strength just prior to lap splice

failure is given by

F_,_ M 3z6,

_< 4-6)
F, M, X6,

and the force one cycle after the lap splice failure

2 -1 s “-7)

Following the lap splice failure, the concrete continues to decay as per

F, _F, M, (20,-56,+26,) “8)
F, F, M 2 6,

until the rocking strength F, (refer section 3.2) is obtained at cumulative plastic drift given by

20,
M /M,

F, F,

Zr 4-9)
F, F,

% 0p = D0, + 20, +
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4.2.1 Summary of Damage Evaluation Procedure

Step 1. Determine the neutral axis depth ratioc/p. For rectangular

sections, use equation (2-23):

P, +(vp,fy/fi]
(0) chAg 1-2d/ID
B =
(ap . 2Vl
1-2d'ID

and for circular sections, use equation (2-31):

0.725
2. os t5(1—2c/p ]
c 1 fc'Ag £ \1-24d'Ip
D B 132«
Step 2. Determine the concrete compression force ratio C,/f; A,. For

rectangular sections, equation (2-16):

[fCA] ~<45

and for circular sections, use equation (2-23):

C 1.38
¢ =132 a(B -”-)
fA, b

Step 3. Determine the equivalent plastic hinge length L, using

equation (2-9):

L, = 0.08L + 4400 ¢ d,

Step 4. Determine the cumulative plastic drift capacity 26, using

equation (2-10):

(LS-1a)

(LS-1b)

(LS-2a)

(LS-2b)

(LS-3)
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Step 5.

Step 6.

Step 7.

Step 8.

0. = 0.016(Lp/D)
e
fa \D

Determine the component of the moment contributed by the

eccentric concrete stress block M,. For rectangular

sections use equation (2-13):

M, = 05C.D (1 - ﬂ)
D

and for circular sections, use equation (2-14):
M, = o.sch(l -128 ﬁ)
D
Determine the residual bond stress £, (equation 3-33), strength

loss ratio after lap splice failure AM,/M, (equation 3-4) and the

energy per unit area of cracked surface G, using equation (4-4)

By ndy L, PsSoh
24,

k-
M, % M,

G, = 0.00014f/a,

em

T = =21, P S A
b

Determine the cumulative plastic drift at incipient lap splice

failure 26,, using equation (4-5):

[ n(D’'-dy) + Zn(d "+ %)l L, (0.00014f" a,)
Y0, = INT; '

Determine the strength ratio at incipient lap splice failure

F,| F, using equation (4-6):

(LS-4)

(LS-5a)

(LS-5b)

(LS-6a)

(LS-6b)

(LS-6¢)

LS-7)
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F 1 M, Z6,,
Fn n z 6}’C
Step 9. Determine the strength ratio immediately after lap splice

failure F,/F, using equation (4-7):

Step 10. Determine rocking strength F, using the lesser of

Fsliding = l"'spV

or

_IM, I(M+M))
Frocla‘ng - H h H

Step 11. Determine the cumulative plastic drift capacity at which

rocking commences £6,, using equation (4-9):

- =e,(F, F
T,y = 30,20 + P -2t
i MC/M" Fn Fn

Step 12. Determine relationship between nominal strength and

cumulative plastic drift in the form

Fi
_F'— = 1 —CZGI”.

The conceptual damage analysis model is shown graphically in figure 4-2.

(LS-8)

(LS-9)

(LS-10a)

(LS-10b)

(LS-11)

(LS-12)
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)
1.0 _ Nominal Flexural Strength_
Fl /Fn
i~
~
Strength Loss Due To
F2 /Fn Lap Splice Failure
Fr /Fn_ |_. _| - B
L | —2,
21&_11' L0 ,
21,

Figure 4-2 Conceptual Energy Based Lateral Force Vs. Cumulative Drift Damage Model

for Piers Governed by Lap Splice and Concrete Failure.
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4.3 NUMERICAL EXAMPLE

As before, a numerical example can be used to illustrate the energy-based fatigue model.
The same column as Section 2.3 is chosen for the purpose. However, a lap spliced length 0580 mm
(= 20d,) is provided at the junction of the column and foundation. Failure is assumed to occur

at this location. Relevant details are shown in figure 4-3.

t 12.5 m. -]
e ST e S e S e RO e
T
6100 mm.
A A
ref. DET1 D10 HOOPS @
L 305 crs.
—_\,A__
cover 51 mm.
(cl.) : ‘T‘
g LaP Splice
16-28 mm. 915 mm. ZOde fi . Failure
SECTION A-A DETAIL - 1

Figure 4-3 Illustrative Bridge Pier used in the Numerical Example.
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Carried over parameters
Unconfined concrete compression strength £ _ = 45 MPa.
Diameter of the section D = 915 mm.

Effective cover d =75 mm.

Core diameter ? = 803 mm.

L
Plastic hinge length ratio ?P = 0.4668

Neutral axis depth ratio ¢cD rat = 0.207
¢ c

Concrete compression force ratio = 0.0784
¢ A g
Cumulative plastic drift capacity considering concrete damage X6 pc = 04816 rad.
M c
Normalized concrete moment ratio @——— = 0.031
AL D
9
M¢
Ratio of concrete to nominal moment — = 0.50&84
n
These values are obtained from Section 2.3 and correspond to Steps 1 through 5.

Also provided lap length =560 mm.

le’P

©. Residual bond stress in the rebar

Volumetric ratio of lateral reinforcement  p 6 =
Consider coefficient of friction p =05

For rebars passively confined by transverse hoop reinforcement that produces triaxial
confinement, the residual bond stress is given by

P
fp = Z'Hb'pe'fyh'* ——————— > fp, =8466 MPa. ------ >
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Loss i . \20 aplice £

1:r‘l.'J M¢ 8
AMg =M (1= — "1 - — | e > AM ;= 7.9025+10
f M
y n
AM
and hence the ratio —— = 0.4789
Mn
Work done to completely break the adhesive bond
Assuming maximum aggregrate size a4 - 254 mm.
Gf = OOOO14f’cag """" > G.': = 0.16

Pitch circle diameter D’ = D - 2'<cov +dp, + 054d I7> —mmm>

Cumulative drift necessary to cause anchorage bond failure

{n'<D’ - db) + 2'n'<d’ + O.5'db”'I5P'Gf

20 pp -

AM

------ > $0pg =585510 ' rad.

8. Forge ior o bond fai

2'M

Nominal force capacity F, := y
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N/mm?2-mm

D’ =765
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10. Residual rocking strength

Residual rocking strength is given by the lesser of the sliding and rocking strength.
Assuming a coefficient of sliding friction

Hg =07 ; WP f oA,
F o . 8 5
oliding ~Hes'W e > Foliding = ©2652:10°  N.

Let the ¢"/D" ratio be denoted by ¢",_,. As an initial value of this quadratic assume

Cray =02 Also o =03 and  d" =05 (dy, +dy)

[ . 10.725

- 05 frp 1-2°¢" 45t

rat + * 'pt._. ”
Fc d_

D”

2 ” . _ ” 2
¢'D” gy = root 2 C rat:C rat

1-2

1.52’(1'—2
D

D" 4y = 0132

£ oA

>1.55' oA e

Modified concrete compression force C cc T 1.52:a (c”D” rat

/

N 9, . AP0 ’ — . 5
Hence, Mg = 05:C D™ (1-12:6D ) ==-> M = 4102510 N-mm.

3
Also for Ay = pt'Ag ————— > A =9.852:10 mm2
b ” d”
Mg = O.25'A5t'frb'D 1= 25- and
” t1] d”
. e D7 gt - D’
M - O.5-A6t~frb'l9”-<1 - CD" - D”>'*——d”
1- 20—
D”

59




i) . 9’ 9’ E) 7
Thus, M_ =M ol T M 52 T > M 5 = 1.9167-10 N-mm.

s
B M’G + M’5 5
HGI’ICC, FI"OGkng = W """" > Frockil’lg = 1407910 N.
F rocking
Normalized rocking strength ———F—-— = 0.2003
n
" c lati lastic drift at i t of residual ki
Assume the lap splice failure is complete at a plastic drift level of 0 p = 0.02 rad.
, 0pc [F2  Frocking
Z0pg = (ZOpp + 210, |+ | > 20pp = 0267 rad.
n n

Mc
M

These values are plotted in figure 4-4.
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0.51

0.25+

0 0.1 0.2 0.3 0.4 0.5
CUMULATIVE PLASTIC DRIFT

Figure 4-4 Energy Based Strength Deterioration Model Applied to the Illustrative Bridge

Pier Example.
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SECTION 5
COMPRESSION BUCKLING FAILURE OF LONGITUDINAL
REINFORCING STEEL

5.1 BACKGROUND

Buckling of longitudinal reinforcement is a commonly reported mode of failure. If the
spacing of the transverse hoops is not too large, then the compression steel may buckle
inelastically under high compressive strains eventually leading to column instability. Bucking
of the longitudinal reinforcement may either be a local or global phenomena. Local buckling
is defined as double curvature buckling between two successive hoops. Global buckling may
occur when there are many closely spaced hoops consisting of small diameter steel. One of
these small transverse hoops has insufficient strength to restrain local buckling deformations,
thus the longitudinal reinforcing bar is restrained by several hoops that traverse the longitudinal
buckled bar. The former case is common for poorly detailed non-seismically designed columns,
whereas the latter is possible in the seismic design of large diameter columns. Although a
detailed analysis of both the buckling modes had been performed by Dutta and Mander (1997),

this section restricts itself to analyzing the former case using excerpts from that research.
5.2 PLASTIC ANALYSIS APPROACH FOR SOLVING THE LOCAL BUCKLING PROBLEM

Consider a flexural reinforcement bar as shown in figure 5-1 fixed at the two ends. End
reactions may consist of a moment, a horizontal shear force, and the applied axial load.
However, shear force aids the buckling and hence the critical buckling condition is attained when
v = 0. Focussing on the equilibrium of the quarter-length of the buckled bar, it can be stated
that the lateral plastic displacement A, will increase up to a point when the full plastic moment
capacity will be mobilized at the base of the buckled bar. At this instant, the plastic moment

capacity M, corresponding to the critical ultimate load P, will equal the P-A moment at the base

of the buckled bar which is distributed as shown in figure 5-1b. The plastic moment M, has an
associated plastic curvature @, which is conceivably distributed in the form of a n-th degree

parabolic curve as shown in figure 5-1c. Details of the derivation of the curvature shape is
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Figure 5-1 Plastic Analysis of Local Buckling of Longitudinal Reinforcement.



given elsewhere (see Dutta and Mander, 1997). Postulating a rigid plastic mechanism whereby
it is assumed that the resistance to the vertical load is entirely provided by the plastic moments

that develop at the extremities a virtual work equation can be written as

EWD = IWD 5-1)

P25, =4M,0, 6-2)

23, being the total downward movement of the axial load due to buckling and 6

- M, are the

plastic rotations and the plastic moments as shown in figure 5-1d. From geometry however,

%i = tan(%k) = % (for small 6, ) (5-3)
and
S—A/l’z- = sin(6,,) = 6, (5-4)
Combining equations (5-3) and (5-4)
5, = %e,?,, (5-5)

Substituting the expression for §, in equation (5-2) and on subsequent simplification

_3M,

cr
s ep,,

(5-6)

Dividing both sides of the above equation by the area of cross section, the same equation can

be written in terms of stresses as

M
f=2 — -7
T dys0,

However, it was shown by Dutta and Mander (1998), that the minimum buckling stress
corresponds to the peak plastic moment M,,. The maximum plastic moment M,, depends upon

the magnitude of the axial compression. For a particular critical ultimate load P_, the associated

cr?

peak plastic moment can be obtained from the interaction diagram via a complete moment
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curvature analysis that considers the strain-hardening effect of the steel. For nominal Grade 60

reinforcing steel it can be shown that the plastic moment is related to the critical stress by a

simple expression
£\ (-8)
T

where M, =£,d; |6 = fully plastic ultimate moment for a circular section without any axial load
and f, = ultimate stress in the longitudinal reinforcement. This expression gives an almost
perfect match for Grade 60 reinforcement; some slight error is introduced when applying the

formula to Grade 40 reinforcing steel and prestressing threadbars, but this error is minimal.

The average strain in the buckled bar can be expressed as

e = 2% 5-9)

cr s

where the axial displacement is given by equation (5-5). Combining equations (5-5), (5-7), (5-8)

and (5-9) and simplifying one obtains

I &2 1_(& 2} (5-10)
T (sld, P\ fau

From simulated laboratory tests on steel reinforcement, Mander et al. (1984) observed
that specimens with high s/d, ratios which is very common for poorly detailed column
specimens, are still able to sustain yield stress. However, there is a rapid degradtion in strength

soon after the strain exceeds the yield strain. Substituting £, =, in the above equation

\ |
I [{_35]2 1_(5 ]2] (5-11)
T (sld, P\ S e

For typical Grade 40 and Grade 60 reinforcement with f,, = 1.5f,, equation (5-11) can be further

simplified to
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1
(s/dy)?

(5-12)

scr

In terms of dimensionless plastic curvature, from strain diagram, one obtains

_ (e, -e)
¢,D = c d (5-13)
(B ) 3]

where ¢, and the other symbols having their usual meaning.

It is to be noted that the dimensionless plastic curvature is independent of the number of

cycles to failure.
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5.2.1 Summary of Fatigue Evaluation Procedure

Step 1.

Step 2.

Step 3.

Determine the neutral axis depth ¢/D. For rectangular sec-

tions, use equation (2-23):

P, +[ Y p IS,
(£)= fc'Ag 1-24d'/D
D
{aﬁ . 2y p,f,//fc'
1-2d'|D

and for circular sections, use equation (2-31):

0.725
P _
e +o_5pt£[1..2051’]
c _ 1|14, £ \1-24'1D
D B 132

Determine the critical buckling strain e_ using equation (5-12):

- 1
(s/dy)?

€ cr

Determine the maximum dimensionless plastic curvature from

equation (5-13):

)

6,0 =
59
D D

(CB-1a)

(CB-1b)

(CB-2)

(CB-3)
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5.3 Numerical Example

A numerical example is also presented in this section to illustrate the working procedure.
The illustrative pier bent chosen for this purpose is the same as was used in section 2.3. Hence

details of the calculation are not reproduced.

The neutral axis depth ratio ¢/D as obtained from section 2.3 is 02071. For the
specimen with the longitudinal bar diameter of 28 mm and spacing of s = 305 mm , the critical strain
as given by equation (5-12) is 0.0085. Finally using equation (5-13) the dimensionless plastic
curvature is 0.054. This is plotted in figure 5-2.
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T 1

= .
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1sd J

=
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o ]
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() Equation 5-13
5 0.1
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3 .
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z .

o

> ]

<

uE.I 0.01

E - 1 T L] 1 T ¥ L | l1lo T T 1 T T 1 T 1loo

NUMBER OF CYCLES TO FAILURE (Nc)

Figure 5-2  Fatigue Plot for the Illustrative Pier Example governed by Longitudinal Bar
Buckling.

69






SECTION 6

LOW CYCLE FATIGUE OF
LONGITUDINAL REINFORCEMENT

6.1 BACKGROUND

Highway structures, such as pavements and bridges, generally experience several million
load reversals over their normal service life. It is thus desirable that working stress reversals
are kept below the fatigue limit in order to keep the structure functioning indefinitely. Under
seismic loads, however, it is not economically feasible to keep steel strains below the yield
strain, let alone the fatigue limit strain. Thus during earthquakes, longitudinal reinforcing steel
in potential plastic hinge zones may experience large strains that could eventually lead to low
cycle fatigue failure. If the duration of strong ground shaking is long enough, and/or in

conjunction with strong after shocks, such a failure is inevitable.
6.2 FATIGUE FAILURE THEORY OF STEEL REINFORCEMENT

In a recent study on the low cycle fatigue behavior of reinforcing steel, Mander et al.
(1994) showed that the plastic strain amplitude (e,,) is given in terms of the fatigue life (N,

cycles to failure) by the relation

£, = 0.08Q2N,)° (6-1)
and a re-plot of the results given by Mander et al. (1994) in terms of the total strain amplitude
gives a simple relation in the form

g, = 0.08(2N,) 033 (6-2)

where 2N, = number of reversals to the appearance of first fatigue crack, e, = total strain and
e,, = Dlastic strain at the level of reinforcing bar. This result is plotted with experimental results

from low cycle fatigue tests on two types of reinforcing steel in figure 6-1.
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Figure 6-1 Fatigue Life of Reinforcing Steel based on the results of Mander et al.(1994).
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It is possible to transform the low cycle fatigue behavior of individual rebars into familiar
fatigue expressions for concrete columns. Consider the strain diagram shown in figure 6-2.
Through geometry an equation can be derived which relates the total plastic strain range (2¢,,)
with the dimensionless plastic curvature of the section (¢,D):

i, 2d’ 6-3)
28“"_¢”D(1——D—] (

where D = overall depth (diameter) of the section and 4’ = distance from the top of the section

to the centroid of the nearest longitudinal reinforcing bar.

Substituting equation (6-1) into (6-2) one obtains an expression relating the dimensionless
plastic curvature (¢,0) with the number of cycles (N,):

oD = 016

P e AW &

Note that 1-2d//D is the ratio of the pitch circle diameter of the longitudinal steel for a circular
column or the ratio of the depth between outer layers of longitudinal rebars to the overall depth
of a rectangular column. Alternatively, if the equivalent plastic hinge length (Z,) is known then

this expression can be written relating plastic rotation (8,) and cycles to failure (~,)

L
— R -0.5 -
6, = 0.16 —DPI (2N) (6-5)

where D’ = D -2d’ = pitch circle diameter, L, = equivalent plastic hinge length given by equation
(2-9).

However, realizing that a fracture of the longitudinal reinforcement merely causes a finite
drop in the moment capacity contributed by steel (M,), the energy-based strength deterioration
model proposed in section 2 can be adapted to quantify the decay in the lateral strength capacity
for failure modes governed by low cycle fatigue of the longitudinal reinforcement as well. This

is discussed in what follows.
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6.2.1 Deterioration in Steel Moment Capacity

The deterioration of the steel moment capacity depends on the geometrical shape of the
section. Two specific cases—one for rectangular and the other for circular section are
considered.

(a) Rectangular Section: The same assumptions used for the derivation of neutral axis
depth (section 2.2.3) are used. Thus yA, part of the longitudinal steel is assumed to be
distributed in the form of a thin strip over a depth D’ of thickness given by equation (2-19).
When the plastic strain amplitude at a certain level exceeds the value given by equation (6-1),
the portion of the longitudinal steel above that level over a depth A D’ (henceforth referred to
as the loss depth) loses it’s moment capacity. This causes an instantaneous change in the pitch

circle diameter and hence equation (6-5) can be modified as

L
6, = 0.16 —2— -(2N,)™* (6-6)
D' -A D’

Multiplying both sides by 2N, gives

206 =2N.6 =0.16 —L” 2 N,\%5 6-7)
2 fop T D/_AD/( f)
from which A D’ can be solved as
/ L /D'

AD' s - 008 ! 6-8)

D’ /6,6,

The strength loss ratio can be computed in terms of the moment capacity as follows:

/
AM, _ AD/‘YAst-fyD . l_AD' 6-9)
M D/ M D’

n n

(b) Circular Section: Assuming that in a circular section, the total longitudinal steel is

distributed in the form of a tube of diameter D’ (figure 6-2), and thickness given by

74



= A (6-10)

the length along the arc of the steel ring in that region is found to be given by

/1053

Arc Length = 0.7n D’ (A__Q_ ] (6-11)
D/

which is valid for AD//D’'<0.5 as shown in figure 6-3. As a bar fractures, there is an

instantaneous drop in the steel component of the moment capacity A M,. Expressing this as the

ratio of the nominal moment, this is given by

/ 0.53 .
AM, 745D (ADY™ (1 o, AD’ (6-12)
M, M, D’ D/

with the assumption that the centroid of the ring of depth A D’ is at 0.35 AD’ from the top.

The concrete portion of the moment capacity (M,), also decays according to equation (2-
12) till the rocking strength (F,) as given by the lesser of equation (3-9) or (3-16) is attained.
However, rocking strength F,,,, should be evaluated for f, =0. Hence for rectangular sections

7
M]=05P,D"[1- (6-13)
Dl/

with

C” Pe
< - (6-14)
D" 03flA,

and for circular sections

"
M. =05P,D"|1-125 (6-15)
D//
with o P, 0.725 616
D" 1039%f.A,,
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Figure 6-2 Decay in the Steel Component of the Moment Capacity.
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Figure 6-3 Relationship between Arc Length and Loss Depth.
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6.2.2 Summary of Damage Evaluation Procedure

Step 1. Determine the plastic hinge length L, using equation (2-9):
L, = 0.08L + 4400¢,d, (FF-1)
Step 2. Determine the current cumulative plastic drift 26,
Step 3. Determine the loss depth ratio AD’/D’ using equation (6-8):
/ L /D’
AD1 . 05 - 008 212 (FF-3)
/6,26,
Step 4. Determine the steel moment loss ratio AM,/M,. For rectangular sections use

equation (6-9):

M, D’ M, D’

AMs - AD/.YAstf;D/.(l_AD/] (FF-4a)

and for circular sections use equation (6-12):

/ 1 \0.53 /
AM, g 2ehD (DT (4, AD (EF-4b)
M M D’ D’

n n

Step 5. Describe the steel component of the lateral strength (F,) in the form

(FF-5)

Step 6. Determine the neutral axis depth ratioc/D. For rectangular

sections use equation (2-23):

P, [ A NAIA
((:) B fc’Ag 1-24d'|D
P [aB + —-—2Y p,j;/ff]

1-24d'ID

(FF-6a)

and for circular sections use equation (2-31):
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Step 7.

Step 8.

Step 9.

Step 10.

0.725
P o5, 5(1-%/0)
¢ t
1|74, f\1-24'p
B 132¢

Determine the concrete compression force ratio C,/ fc’Ag. For

rectangular sections use equation (2-16)

(fi) ()

[

and for circular sections use equation (2-28)

C 138
€ =132 a(B i)
f/A, b

Determine the cumulative plastic drift capacity £, using equation
(2-10)

0.016 (L /D
26, - (L,/D)
|5
4 )\P
Determine the component of the moment contributed by the

eccentric concrete stress block M,. For rectangular sections use

equation (2-13)

M, = o.sch(l - Bi)
D

and for circular sections use equation (2-14)

M, = 0.5ch(1 -12p i)
D

Determine rocking strength F, using the lesser of equations (3-9)
and (3-16)
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Fsliding = I"'s W (FF-loa)
or

/
F _IM, (FF-10b)
rocking H

with £, =0. For rectangular sections use equations (6-13) and (6-14):

/"
M, =05 PeD”(l - -°7] (FF-10c)
D

with
o P

031 A,

and for circular sections use equations (6-15) and (6-16):

"
M =05 PCD”[I -12 C—) (FF-10¢)
D//
with
/ 0.725
C_’” - i_) (FF-10f)
D" l039%f/4,
Step 11. Describe the concrete component of the lateral strength (F,) in the
form
Fa |} M 28| F (FF-11)
F, M, 6, F,
Step 12. Determine the net lateral strength given by
E_FE Fy ' (FF-12)
Ffl Fn Fn




6.3 NUMERICAL EXAMPLE

The low cycle fatigue analysis of longitudinal reinforcement explained so far can be
illustrated with the aid of a numerical example. The same column used in the previous sections

is analyzed for this purpose. Relevant junction details are shown in figure 6-4.

|- 12.5 m. |
— — — —
T
6100 mm. A ‘ A
D10 HOOPS @
ref. DET1 — 305 ors.
. :
cover 51 mm. ’ ‘ l
(cl.) T T
404 Low Cycle
Fatigue of
16—-28 mm. 915 mm. __L Long. Bar
SECTION A-A DETAIL - 1

Figure 6-4 Illustrative Bridge Pier used in the Numerical Example.
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Sample calculations for two data points are illustrated here. The yield rotation is

assumed to be: Gy = 0.0125 rad.

1. Plastic hinge length

H
L =008 — + 4400'¢ 'db —————— > L =447286 mm.
p 2 Y

This value is same as obtained in Section 3.3

Casel: 0, =0.02 rad. Ng =2

2. Current cumulative plastic drift

Opi =0;-6y - > 0,,=00075 rad.

0 = 2NgB - > 20,,=003 rad

Pitch circle diameter D =D - 2:d  ----- > D =765 mm.

This value is same as obtained in Section 3.3

0.08'L p %
AD = 05D - T T > AD = -2.003+10 mm.
o pi =0 pi
A ¢
Therefore, F = -2.6183

4. Determine the steel moment loss ratio

The negative value of the loss depth ratio signifies that the longitudinal steel is yet to
fracture and the steel moment capacity at the present drift level is still intact at

ol

Mg =M, |— | Hence, M -:Mn't1——

Note that M /M, is the eame as was obtained in Section 3.3
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©. Carried over parameters

Neutral axis depth ratio  ¢cD rat = 0.2071

C
c
Concrete compression force ratio = 0.0784
f C'A g
Cumulative plastic drift capacity considering concrete damage X0 p- = 0.4816  rad.
M c
Normalized concrete moment ratio — = 0.031
.F C.A .
9
M c
Ratio of concrete to nominal moment — = 0.5064
M n
F rockin
9
Rocking strength —F— = 0.2005
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Case lI: Column had already beensubjected to 2 cycles at drift levels each of
" 2,3,4 and 5%.

Hence, Oi = 0.05 rad.
2 C : lative plastic drif

epi - ei - ey —————— > epi = 0.0375 rad.
20 pi ~ 2:2:(0.0075 + 0.0175 + 0.0275 + 0.0375) ------ > 20 pi = 0.26
0.08'L p
AD = 05H'D - —— e > AD’ = 745341 mm.
Therefore, —D— = 0.0974

4. Determine the steel moment loss ratio

Unconfined concrete compression strength  f . =45  MPa.
Concrete gros sectional area A g 6.5755-105 mm?2
Overall diameter D = 915 mm.

These values are obtained from Section 3.3.

.Fy AD’ 0.55 D: ,
AMeI 20'7'pt'F_c. D’ 1“ 07——’ 'FCAQ-D
AM
Therefore, —— =0.2662
My
5. Describe the steel component of the lateral strength
M 6 AM 5i F
F5| :Fn M—n_ Mn ______ > -—=O.2225

rad.




Steps © through 10 are same as before.

10. Deterimine the rocking strength

Residual rocking strength is given by the lesser of the sliding and rocking strength.
Assuming a coefficient of sliding friction

Hg =07 ; WP pfoh,
5
Foliding = HsW - > F oliding = 8:2862+10 N.
Calculation of rocki _
0.725
et P rat ” ”
gy, = |~ T > D, = 0.2293
cc
0.596‘7
g
Modified concrete compression force ¢, =132:03 <c”D” rat>1.55'F Ao
C.
= 0.04 P = 0.04
. rat
fe Ag

’ L P4 . A ‘ ’ _ . &
Hence, M, =057C_ D (1-12:¢D rat) -==> M = 34411410 N-mm.

M,
c 5
Hence, F rocking - 55—H ————— > Frocking = 112862-10 N.
F rocking
Normalized rocking strength —F—— = 0.2086
n
1. Describe the concrete component of the lateral strength
Cumulative plastic drift at which rocking commences:
My F rocking
ZGFR = 20 PCH T Tt | = > 20 PR = 0.2641 rad.
\\ Mc  Fy

Since the present cumulative plastic drift 20 . = 0.6 rad. is greater than the

p
plastic drift level at which rocking commences,
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Fei
—— = 02086

F.',:F

ci rocking Therefore,

n

I2. Determine the net lateral strength
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First Fracture of
Longitudinal Bar

£ 06
~
i - COMBINED
0.41
0.2- CONCRETE
- \x Fr/Fn
STEEL v
G T T T T 1
0 0.25 0.5 0.75 1 1.25
CUMULATIVE PLASTIC DRIFT

Figure 6-5 Low Cycle Fatigue Model applied to the Ilustrative Bridge Pier
Example.
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SECTION 7
TRANSVERSE REINFORCEMENT FAILURE IN SHEAR

7.1 BACKGROUND

The shear analysis of reinforced concrete beam-columns has been a contentious issue to
researchers, as well as structural engineers, for decades. This is because there has been a
general lack of comprehensive analysis tools that permit cyclic inelastic shear analysis similar
to column flexural analysis (Schlaich et al., 1987; Collins and Mitchell, 1991; Hsu, 1993). As
a result, analysis approaches that unify shear and flexural behavior have been difficult to achieve
in a comprehensive way. Even though certain researchers have proposed some advanced
analysis tools (Collins and Mitchell, 1991; Chang and Mander, 1994; Priestley et al. 1994a,b,c)
to overcome some of the modelling difficulties, they are still complicated in usage and limited

in applicability.

However, a valuable insight into the whole problem can be obtained using truss models
for the analysis of structural concrete members. Significant amount of work in this aspect has
been performed in a companion research by Kim and Mander (1997) with advanced inelastic
Strut and Tie (SAT) models. This section uses excerpts from that research to compute the
cumulative plastic deformation at hoop fracture using an energy balance approach. This is

reported in the following.
7.2 FUNDAMENTALS OF SHEAR RESISTANCE IN REINFORCED CONCRETE MEMBERS

In the most general form, the ultimate shear resistance can be expressed as

V=V, VY, (7-1)

where V, = shear resisted by the transverse reinforcement, V, = shear resisted by the tensile

stress in the concrete, and v, = shear carried by the axial compression. However, a concrete
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member is considered as a structural element of combined mechanisms as shown in figure 7-1.

Therefore, the resultant lateral resistance of the column should be the lesser of

V=V, =V, +V +V, 7-2)
and
vey MM (7-3)
4 L

where V, = shear resisted by the flexural mechanism, M, = moment contributed by the
longitudinal steel, M, = moment contributed by the eccentric concrete compression block, and
L = lever arm of the cantilever column. In order to maintain the deformation compatibility and
equilibrium conditions between the load transferring mechanisms, it is assumed that the column

cross-section is proportional to the ratio of the component strength to the total strength. Thus

Ay=byjd ; A, =b,jd ; A, =b,jd (7-4)
where jd = internal lever arm, 4, 4, A,, are respectively effective shear areas for v,, v, andv,

mechanisms and b,,, b,,, b,, are respectively the effective column width for v, v, andvV,

mechanism which are estimated as

by Ve b Ve by Y (7-5)
b, V, b, V, b, V

It is noted that b, = b, +b,, +b,, as shown in figure 7-2 and 4, = 4,, + 4,, + 4,, = b, jd in which

A, = total shear area of the concrete column.
Considering equilibrium of forces along the cracked surface of a beam-column it can be
shown that the shear resisted by the transverse reinforcement is given by

V, = A,f, 92 cote (7-6)
N

in which 4, = section area of the transverse reinforcement at spacing s, f, = stress in the

transverse reinforcement, and 6 = crack angle. Also using advanced truss models the shear
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Figure 7-1 Spring Analogy for Combination of Load Transfer Mechanisms.
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Figure 7-2 Proportioning of Column Load Transfer Mechanisms.
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resisted by the concrete and axial load components can be shown to be

V, = A, ¥ cot 6(1 - 2 sin’6) 7-7
and
b D _ )i (7-8)
V. =05EA|-2|[15 = - 1}sin%a -@,
P b, jd
V,=nP(tanc-8,) (7-9)

where f{® = average tensile stress in the concrete tension ties, E, = modulus of elasticity of
concrete, D = overall depth of the section, & = corner to corner diagonal angle, 6= drift angle
due to shear, and P = applied axial load. Note n = 1.0 for fixed-fixed ends and 0.5 for fixed-
pinned ends and tane =jd/L. Detailed derivation of the above expressions can be found

elsewhere (Kim, 1996).

The above mentioned column shear strength components are also considered to
deteriorate by inelastic cyclic loading as the flexural components are as discussed in Section 2.2,
if the structural response is governed by the column shear strength. The column shear strength
degradation can also be assessed by energy considerations which will be discussed in what
follows. In the proposed damage analysis on shear components, it is assumed that the diagonal
concrete compressive struts are within the elastic range and not considered to be a prime source

of energy dissipation.
7.3 SHEAR FRACTURE OF TRANSVERSE HOOP STEEL AT MID-COLUMN HEIGHT
7.3.1 Cumulative Plastic Shear Deformation at Average Hoop Fracture

Consider the foregoing concept of energy balance. Then, the external work done (EWD)

by the steel truss mechanism is calculated by
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EWD = V,A (7-10)

which v, is given in equation (7-6) and A is the plastic portion of column shear displacement.
Expanding the right hand side terms of equation (7-10) gives the total energy at fracture in terms

of cumulative plastic shear displacement:

EWD = (As,, f,’i’cote)(eps jd cot8[2N]) (7-11)
N

where , is the plastic portion of column shear rotation and N, is the number of loading cycles
at applied drift ©,;. It is noted that the transverse hoop steel stress f; is the average stress over
the unit shear length defined by the crack angle which is jdcoté. Also note that 4, =24, for
rectangular hoop steel, in which 4, is the section area of a single leg of a transverse hoop, and4,,

for circular hoop is given by the explicit expression derived by Kim and Mander (1997)

. /2
sin
1+.i tan 6
A, = 2[5 tno i (7-12)
8 jd ) n/2
sin 7
1+42 coto
S

where the symbols have their usual meaning.

The internal work done (/WD) by the transverse hoop steel within the unit shear length
is calculated by considering the volume of the steel participating the shear resistance, that is,

for rectangular hoop,

. jd .
IWD = U,(24,) ;df—s-cote (7-13)

for circular hoop,
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WD = Uy hyjd 7 2 core (7-14)

where U, is the strain energy required to fracture reinforcing steel in tension and is
approximately given by 110MJ/m®. Formulating the energy balance, the cumulative plastic

column drift capacity due to the steel truss mechanism can be estimated.
7.3.1.1 Members with Rectangular Hoops

Equating equations (7-11) and (7-13) in the form of EWD = IWD gives:
7 id ; } . jd i
(Ash £ - cote) (Gps jd cotb [2Nc]) = U sf(ZAb) jd ~ cot® (7-15)

in which £, is the average yield stress in the transverse hoop steel. Rearranging equation (7-15),

the cumulative plastic column shear deformation capacity for concrete members with rectangular

hoops is

=

7 tan® (7-16)

2O,(c) = B,2N] = =

Now, consider the steel stress-strain curve shown in figure 7-3a. It is noted that the strain

energy U, is defined by the area under the stress-strain curve of reinforcing steel and can also

be expressed in terms of £,. Thus,

Uy = ey = [“fde +07fpe, (7-17)

Using equation (7-17), the strain energy U, can also be calculated by the ultimate strain and
yield stress of steel coupons. Based on the experimental results reported by Mander, et al.

(1984), the average steel stress can be related to the yield stress, thus

f, o= 14§, (7-18)
Then, substituting equations (7-17) and (7-18) into equation (7-16), the cumulative plastic
column shear deformation capacity for concrete members with rectangular hoops becomes
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U
20,5(c) = 07 —Z tanb (7-19)

7.3.1.2 Members with Circular Hoops

Equating (7-11) and (7-14),

jd ) _ . jd :
(A:hfr*s‘ COtG) (8,5jdcotB[2N]) = U A,jdn 5 cot® (7-20)

where A, is as given by equation (7-12). Substituting equation (7-12) for 4, into equation (7-
20) and rearranging, the cumulative plastic column shear deformation capacity for concrete

members with circular hoops is

/2
U, ig 1+J£cot6
20 .(c) = ©J2N] = L12-¥4 _\ S J (7-21)

PS pS[ C] fy s . /2

1+ tano

sin

7.3.2 Cumulative Plastic Shear Deformation at First Hoop Fracture

Using truss models as was done by Kim and Mander (1997), elongation in transverse
hoops due to shear can be shown to be maximum at the middle of the unit shear length (jd cot9).
Therefore, it is considered that the transverse hoop located at the middle of the unit shear length
is first subjected to fracture and, the ratio of the maximum tensile strain to the average can be

calculated as

St _ g 195 (7-22)
eT—avg

This denotes that the middle hoop is going to have the cumulative inelastic strain increased by

12.5% above the average. Therefore, the cumulative plastic deformation at first hoop fracture
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can be obtained by modifying equations (7-9) and (7-21) to be proportionally smaller than the

average. Thus, for rectangular hoops,

U
Z0,,() = 063 —7 tanb (7-23)
5y

for circular hoops,

n/2

jd

sin| ——————
1+2=cotb

<

g/d _\ s ) (7-24)

fy y sin —_®2

20,(c) =

1+‘itan6
jd

7.3.3 Cumulative Plastic Shear Deformation at Last Hoop Fracture

The strain ratio between maximum and minimum is e, _, /e, .. = 1.25 (see Kim, 1996).

Thus the cumulative plastic column shear deformation at last hoop fracture becomes

20,5, = 12536,,() (7-25)

The idealized energy-based damage model for structural members governed by transverse hoop
steel fracture is depicted in figure 7-3b in which 8, (©) and 8, (c) are respectively the

cumulative plastic column shear deformations at first and last hoop fracture.

7.3.4 Theoretical Crack Angle
The crack angle to be used in the above equations can also be derived from energy
considerations. It was shown by Kim and Mander (1997) analytically, and later verified against

experimental observations, that the theoretical crack angle is given by

1/4
Py 4,
pvn + C —_ Z" (7-26)
6 = tan! P %
1+pn
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where n = modular ratio= E/E, (ratio of elastic modulus of steel and concrete) andp, = 4,/b,,
for a rectangular section (refer figure 7-2) and p, =p [2=24,/D"s for a circular section in
which 4, = sectional area of a single leg of a transverse hoop and D” = center-to-center diameter
of the transverse reinforcement in a circular column. The parameter { = 0.5704 for fixed -fixed

columns and 1.5704 for fixed-pinned columns. The remaining symbols are explained previously.

. |
fs | "
ty, 1 .
sf |

o

&sf €s
(a) Strain energy of reinforcing steel
in terms of average stress

#

Vs

I
I
I
I
I

P
®ps1(c) Opsz(c) Ops

(b) Energy—based damage model due to
transverse hoop steel fracture

Figure 7-3 Energy-Based Damage Model for Structural Members governed by Transverse

Hoop Fracture.
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7.3.5 Summary of Damage Evaluation Procedure

Step 1. Determine the neutral axis depth ratioc/D. For rectangular

sections use equation (2-23):

P, +(vp,f,/fi
(C)__ f;/Ag 1-24d'|D

<)
(ap . 2 if
1-2d'/D

(SF-1a)

and for circular sections use equation (2-31):

0.725
P 5 (1-2¢/D
LI 0.5 P L (—————— (SF'lb)

1| fA, 'fg 1-2d'/D
B 132«

ST

Step 2. Determine the concrete compression force ratio C,/f! A,. For

rectangular sections use equation (2-16):

C

4

fiA,

- ap(%) (SF-2a)

and for circular sections use equation (2-28):

C c \138
< -1, < SF-2b
1.32 a(p D) (SF-2b)

riA,

Step 3. Determine the equivalent plastic hinge length L, using equation
(2-9):

L, = 0.08L + 4400 ¢,d, (SF-3)

Step 4. Determine the cumulative plastic drift capacity =6, using equation
(2-10):
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_ 0016 (L,/D)

GPC ( Cc (C)
fA\P
Step 5. Determine the component of the moment contributed by the

eccentric concrete stress block M,. For rectangular sections use

equation (2-13):

M, = O.SCCD(I - B i)
D

and for circular sections use equation (2-14):

M, = o.sch(l -128 i)
D

Step 6. Determine the theoretical crack angle using equation (7-26):
1/4
A
pyn ¢ 2 2y
0 = tan™! P 4,
1+pn
Step 7. Determine the cumulative plastic shear deformation = 8,5(c) at

first hoop fracture. For rectangular hoops use equation (7-23):

U-'».‘f
BO,5(©) = 063 ¥ ano

y

for circular hoops use equation (7-24):

n/2

sin -
: U, i 1+ id cot®

20,50 = 2L il

5os n/2

’ sm|————
1+2 tano

jd

Step 8. Determine the cumulative plastic shear deformation at last hoop

fracture = 8,,(c) using equation (7-25):
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(SF-4)

(SF-5a)

(SF-5b)

(SF-6)

(SF-7a)

(SF-7b)




26,500 = 12536, (SF-8)

Step 9. Determine relationship between nominal strength and cumulative

plastic drift in the form

F_|_M 32, (SF-9)
Fn Mn
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7.4 NUMERICAL EXAMPLE

As before, a numerical example is used to illustrate the use of the energy-based shear

capacity evaluation discussed in the previous section.

Relevant details of the pier bent analyzed is shown in figure 7-4. Note that the height
of the pier is deliberately chosen to be 2591 mm (102 in.) to make it shear critical. Analysis steps

are illustrated below.

T

12.5 m. -

LI‘—lﬁT—l'jﬂ

- = =

2591 mm. . L _J
ref. DET1 D10 HOOPS @
305 crs.

T
cover 51 mm.
(cl.)
Unconfined
Concrete
16-28 mm. 915 mm.
SECTION A-A o DETAIL — 1

Figure 7-4 Illustrative Bridge Pier used in the Numerical Example.
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Civen Data

Diameter of the column D = 915 mm.

Height of the column  H = 25691  mm.

Number of longitudinal bars  n =16 of diameter d|, =26 mm.
Diameter of horizontal bars dpy =10 mmandsepacing o = 305 mm.
Clear cover in the column  cov := 51 mm.

Unconfined compression strength of concrete £, = 45 MFPa

Yield strength of longitudinal reinforcement f, = 330 MPa

Y

Yield strength of horizontal reinforcement fyh = 350 MPa

Axial load ratio in the column (F’g/f'C/\6 ) denotedby P o = 0.04

1. Neutral axis depth ratio:

n d b2
Longitudinal reinforcement ratio p = . T > py=0015
D
Effective cover d = cov + d bh * 054 b T > a4 =75 mm.
Core diameter D” =D - 2:cov - dbh ————— > D” = 803 mm.

Stress block parameters o = 0.66 and B =13 - 0.01015-f _ ----> B = 0.6435

Let the ¢/D ratio be denoted by ¢__.. As an initial value of this quadratic assume

rat’

Crap =~ 02
10.725
Prat t 05 Py d’
©1-2—
CD gy = root 1758 " CratCrat
I 1.22:a'B

¢D ¢ = 0.2071
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2. Concrete compression force ratio

Cross cross sectional area Ag = O.25'7r-D2 ————— > /‘\9 = 6.5755-105 mm?2
Core cross sectional area A cc = 0.25'm D”2 ————— > A cc = 5.0645-105 mm?2
c ion f C. -1232-a (Bod . )\"°%F A
oncrete compression force c - 152 KB c rat> chy
Cc
Concrete compression force ratio A = 0.0784
c' g

% Eguivalent plastic hinge | I
Young's Modulus of longitudinal steel ~ E ;= 200000 MPa

.F
Yield strain of longitudinal steel ey~ E—y —————— > ey = 0.0017
5
Equivalent plastic hinge length
H
L p O.O8E + 4400‘8y'd|7 ——————— > LP = 500.92 mm.

c
Mg =05:C oD (1-12:B:D gy | oo > g =008

From ACI type analysis, nominal moment M, = 1.65'109 N-mm.

M c
Therefore, = 0.5064

MH
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A bh =0.25'71d bh —————— > A bh = 7865398 mm2
= Mo 6.M36-10
= mmmm- > = O. .
=~ Py
Modulus of elasticity of concrete E , = 47OO'J;C ————— > E = 5.1529-104 MPa
Es
Modular ratio hn = — = ----- > h = ©.3435
Ec
Sheararea A, = 0.8'A g and £ = 05704 (for fixed-fixed end condition)

Therefore, the theoretical crack angle

0 =atan| —mmmm@8@8@8 ™| ----- > 0 =0.3915 rad.

Pitch circle diameter D =D - 2:d"  ----- > D' =765 mm.
Assume  jD =D and Uz =10 MJI/m>
_ 05mn
sin
§1%
U, . 1+ =—rcot(0)
- —ef D 5
Opsic = L Yy > 2O g1, = 01867  rad
Y sin| —
T+ 3'tarl(e)
iD
&. Cumulative plastic shear deformation at last hoop fracture
20 pope < 12520 gy > 20 ,5p, = 02359 rad.
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9. Application of damage model
The damage model is plotted in figure 7-5. Note that beyond O pSic = 0.1887  rad.
the lateral force capacity drops rapidly and becomes zero after the last hoop fracture at

20 PSZC = 0.2359 rad.

1.25

0.75+

Fi/Fn

0.5

0.25-

0 0.1 0.2 0.3
CUMULATIVE PLASTIC DRIFT

Figure 7-5 Energy Based Shear Model applied to the Illustrative Bridge Pier Example.
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SECTION 8
ANALYSIS OF FATIGUE LIFE

8.1 INTRODUCTION

In the preceding section an attempt was made to look into the various fundamental modes
of fatigue failure for bridge columns subjected to seismic attack. These included failure of
longitudinal reinforcement through low cycle fatigue; loss of bond in anchorages and splices;
shear failure due to buckling failure or even failure of the unconfined concrete due to crushing.
However the best way to test the viability of a theory is to compare the predictions of the
theoretical analysis with actual test results. This section examines experimental results obtained
by previous investigators and tries to come up with a meaningful way of interpreting these

results for the purpose of validating the present fatigue theory.
8.2 DETERMINATION OF EFFECTIVE NUMBER CYCLES TO FAILURE

8.2.1 Background

Since most experiments are conducted on specimens with different displacement
amplitudes, it is necessary to use an appropriate method of cycle counting. Furthermore, this
is also necessary for determining the effective number of cycles of loading in an earthquake
time-history. The former and latter cases requiring cycle counting are needed for determining

cyclic demand and cyclic capacity, respectively.
8.2.2 Miner’s Linear Accumulation Rule

The effective number of cycles (N,) to failure can be obtained using Miner’s linear
damage accumulation rule which states that the damage accumulated up to the i-th loading cycle

is given by
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D, = =D, @-1)

where D, is total damage and D, = damage fraction for the i-th cycle of loading given by

p =1 8-2)

14

|

<

i

where n; = total number of cycles at the current rotational amplitude ©, and V), = fatigue life

at the rotational amplitude @,,.
8.2.3 Effective Number of Cycles

By employing Miner’s rule, an effective (or equivalent) number of cycles can be derived
for a variable cycle history. The linear log-log relationship of plastic rotation to number of
cycles of reversals (2N) was first obtained by Coffin (1954) and Manson (1953). Later Koh and

Stephens (1991) suggested that even total rotation can be used instead of plastic rotation as

follows:

(N)= Qe (8-3)

where Q = fatigue ductility coefficient and ¢ = fatigue ductility exponent. Thus combining
equations (8-1), (8-2) and (8-3) the total damage due to a random loading history can be obtained

as

n n,

Do = 5 || - £ G0 N
/ /'
Qe; Q
Damage at incipient failure for N, cycles at an assumed effective rotational amplitude ;. is
given by
N, N -
Dconstant = erc = ch (9]'6410{0) =1 (8-5)
Q jeff

The effective number of cycles (~,,) can be determined by equating the total damage due to

random loading and that due to constant equivalent amplitude (equation (8-5)). Hence,
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Drion _ X0 "O)" (8-6)
Do Y, Ny(®, ¢

from which

e -1/c
s o[ 2)
Jeff

Mander et al. (1994) showed that for concrete fatigue the coefficient ¢ has a value of -0.5.

Effective Number of Cycles to Failure for Steel and Concrete Fatigue For specimens governed

by failure due to low cycle fatigue of longitudinal reinforcement, the effective number of cycles
to failure can be obtained using equation (8-7). Mander (1994) showed that for steel fatigue,
¢ = -0.333, thus -1/c = 3.

Regarding cycle counting of experimental displacement history to determine the effective
number of cycles N,., it should be noted that the procedure must be modified for concrete

failure. This is because for steel fatigue the plastic curvature is given by

$,D = Cg N2 3-8)

and the total curvature (or displacement)

¢ D = CST Nf—l/3 8-9)

whereas for concrete failure equation (8-7) suggests plastic curvature

¢,D = Ccp N (8-10)

-Thus it will be assumed that in terms of total displacement

$D = Cop N2 (8-11)

where Cg,, Cgpn Cop Cp are fatigue constraints. Therefore, for concrete failure equation (8-7)

may be written as
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2

Ly )

= ji 8-125

NS = Z(eﬂ ] ( )
! jeff,

and for steel failure

W) ¥
_ ji 8-12
N:o' -y (91 ] (8-12)
jeff,

An explanatory example of the damage accumulation analysis is given using a typical
laboratory deformation history. To illustrative this concept, consider the accumulated damage
that results from the small amplitude cycles in a typical laboratory test. For example, the testing
protocol used in much of the current NCEER experimental research uses two completely
reversed cycles of lateral loading at increasing drift amplitudes of ® = +0.25%, +0.5%, +1%,
+2%, +3, +4 +... until failure occurs or when the actuator runs out of stroke capacity. Now

suppose if the maximum experimental drift is @,

+5% , then the effective number of cycles
prior to the +5% drift amplitude is:

For steel fatigue failure

0

3
e,
NS =Z[ "] =3-(0.253 +05 + 13 +2% 43+ 4% =160
. 53
jeff

For concrete fatigue failure

)

2
o,
NS =% [__,} -2 (025 + 052 + 12422 + B + 4) = 227
. 52
jeff

Note that the results imply that the damage done prior to the two cycles of loading at the +5%
drift amplitude is equivalent to 1.6 cycles that leads to steel failure, and 2.27 cycles that leads
to concrete failure if cycled entirely at the +5% drift amplitude.

8.3 DETERMINATION OF EXPERIMENTAL PLASTIC CURVATURE

Experimental values of plastic curvature (¢,D) can be obtained either directly from

experimental results (if measured), otherwise inferred values must be computed as follows. The
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experimental displacement ductility factor p, is given by

A
A,

&

by = (8-14)

where A, = ultimate displacement and 4, = yield displacement. Now the ultimate displacement

is the sum of plastic and yield displacements where the plastic displacement (4,) is given by

A, =A, - A, =¢,L(L-05L) (8-15)

where L = length of the column and L, = plastic hinge length.

Combining equation (8-14) and (8-15) one obtains

by =2t [ﬁ] 1 (8-16)
A)’ A)’
that is :
u, = B0 8-17)
A
y
from which the non-dimensional plastic curvature ¢,D can be expressed as
2 - DA
%D - (zHA ) > (8-18)
Lif2L) p
D LPID

where the plastic hinge length is given by equation (2-9).
8.4 CLOSURE

In this section an appropriate method of counting the number of cycles for a specimen
that had failed either by low cycle fatigue of the longitudinal reinforcement or fatigue of the
unconfined concrete is proposed. This method is based on Miner’s linear damage accumulation

rule and uses the concept of relating the total number of reversals to failure (2N,) to the
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dimensionless plastic curvature (¢,D) according to Koh and Stephens (1991). In order to be
able to compare the results of experiments conducted by previous researchers with the theoritical
predictions it was necessary to obtain the maximum plastic curvature obtained before failure
occured due to any one of the causes mentioned. An expression was also obtained from first

principles that would predict the maximum plastic curvature obtainable from the section before

failure occurs.
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SECTION 9
EXPERIMENTAL VALIDATION

9.1 INTRODUCTION

To verify the authenticity of the theoretical models discussed so far, a comparison with
experimental results is carried out in this section. However, before proceeding any further, it
is important to lay down the fact that the fatigue-based models discussed so far assume that the
individual failure models occur independent of each other. This means that any particular mode
is not the outcome of another preceding failure more. In reality such well defined failure modes
are very hard to find. All efforts have been made to identify such failure modes and present

herein.
9.2 FATIGUE FAILURE CAPACITY OF UNCONFINED CONCRETE

This subsection compares the predictions of the unconfined concrete failure theory with
actual experimental specimens. A short description of the experimental specimens are provided

below.

(i) Bridge Piers with Square Column: Mander et al. (1993) conducted tests on an actual
bridge pier as part of their study to assess the seismic vulnerability of bridge piers in eastern
United States which were predominantly designed for gravity loading. The square specimen
tested had a base width of 1118 mm that gradually tapered to 889 mm at the pier cap level. Test
cylinders core drilled from the specimen showed an unconfined compression strength of
f, =51 MPa. Longitudinal reinforcement consisted of 16 — #7 (22 mm) bars enclosed by#3
(10 mm) hoops at 305 mm centers. The yield strengths of the longitudinal bars and hoop steel
were 276 MPa and 262 MPa, respectively. The pier was provided with a clear cover of 51 mm.
Loading on the bridge pier consisted of one cycle with :0.25% drift amplitude which was
followed by two cycles each with +0.5% , +0.75% , +1.0% , +1.5% and 2% drift amplitudes. This
was followed by a quasi-dynamic loading which consisted of 5 and 17 loading cycles with+3.0%

and 4% drift amplitudes when the column ultimately failed due to hoop fracture and buckling
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of longitudinal reinforcement. The yield drift was recorded at +0.15%. All through the tests
a vertical load of 1197 kN (269 kips) was sustained by the column.

(i) Square Building Columns: Aycardi, Mander and Reinhorn (1992, 1994) tested four
one third scale model columns which were designed primarily for gravity loadings. Each
column specimen was 711 mm (28 in.) tall and had a 102 mm (4 in) square cross-section
containing 4 #D4 bars (5.73 mm diameter) with a measured yield strength of 448 MPa. Steel used
for transverse reinforcement was #11 gauge (3 mm diameter) smooth round wire with a yield
strength of 386 MPa. Clear cover provided was 11 mm. Loading on the specimen consisted of
two complete displacement controlled cycles of each drift level 0f+0.25% , +0.5% , +1% , +2%
and +5%. Specimen 2 considered for this study failed in the third cycle of +5% due to buckling
of longitudinal reinforcement and crushing the core concrete. The ultimate and the yield
curvatures were recorded at 0.5 rad/m (0.0127 radfin.) and 0.4 rad/m (0.001 radfin.), respectively.

At all times the specimen sustained a constant axial load of 0.3/ A,.
Discussion of Unconfined Concrete Fatigue Capacity

An energy based fatigue theory that predicts incipient failure of unconfined concrete
sections is compared with experimental specimens reported in the literature where failure in the
unconfined concrete was observed. As can be seen in figures 9-1 to 9-2, the theory yields
conservative results. The reason for this probably lies in the fact that failure in unconfined
concrete is very hard to define. From figure 9-1b in which the normalized force level is plotted
against the cumulative plastic drift it can be observed that the degradation of unconfined concrete
is gradual. Theoretically speaking the final strength should be the level of lateral load after the
concrete has failed just prior to the commencement of rocking. However, the experiments
reported in the literature are not always continued to the final rocking stage. Considering these

limitations, the theory seems to predict the behavior of the specimen reasonably well.
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(b) Energy Based Damage Analysis Model.
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(c) Dimensionless Plastic Curvature - Cycles to Failure Relationship

Figure 9-1 Comparison of Analytical Expression with Test Results of Mander et al.
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(c) Dimensionless Plastic Curvature - Cycles to Failure Relationship.

Figure 9-2 Comparison of Analytical Expression with Test Results of Aycardi et al.
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9.3 FAILURE DUE TO LOSS OF BOND IN ANCHORAGES

The energy based model proposed in section 3 can be compared with actual experimental
specimen where there had been an instances of anchorage failure. A brief history of the

specimen is given below.

(i) Circular Column: Mander et al. (1996a) tested a cap beam column assemblage as
part of the ongoing research on seismic vulnerability of bridge piers in eastern U.S. The
subassemblage which was a part of the Niagara Parkway Bridge pier was 838 mm (33 in.) in
diameter and reinforced with 16 #9 bars (d, = 28.6 mm) with a clear cover of 50.8 mm (2 in.). The
concrete core drilled out from the test specimen yielded compressive strengths 0f45 MPa (6.5 ksi)
in the column and 41 MPa (6 ksi) in the cap beam, respectively. The shear reinforcement in the
column consisted of #5 bars (d, = 159 mm) with a spacing of 229 mm (9 in). Both the
longitudinal and transverse reinforcements had a nominal yield strength of 40 ksi. The axial load
applied on the column was 342.5 kN (77 kips) and the lever arm for the lateral load was

1933 mm (76.1 in.).

The results of the energy based analysis (figure 9-3) show that the theoretical predictions
are in good agreement with the experimental data and is able to predict the failure mechanism

as well as the cumulative displacement ductility failure limit state with reasonable accuracy.
9.4 FAILURE DUE TO LOSS OF BOND IN SPLICES

This section compares the energy based strength deterioration model proposed previously

with experimental cases of lapped splice failure. The following cases are studied

(i) Circular and Rectangular Columns: As part of his research to investigate the
performance of columns subjected to steel jacketing, Chai et al. (1991a) tested one set each of
a circular and rectangular column that were provided with a lapped splice length of
381 mm (15 in). The circular column had a diameter of 610 mm (24 in.) and reinforced with 26

#6 (d, = 19.05 mm) Grade 40 f, = 315 MPa) reinforcing bars with a cover of 20.32 mm (0.8 in).
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Figure 9-3 Comparison of Analytical Model with Test Results of Mander et al.
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The concrete used had an unconfined compression strength (f/) of 38.2 MPa (5.94 ksi) up
to the rebar. The transverse steel consisted of #2 nominal Grade 40 (f, = 352 MPa) rebars with
a spacing of 127 mm (5 in). The column carried an axial load of 1780 kN (400 kips) and had a

lever arm of 3658 mm (144 in.).

The rectangular column tested by Chai et al. measured 730 mm (28 % in) x
489 mm (19 % in.) and were reinforced with 32 #6 (d, = 19 mm) Grade 50 (f, = 276 MPa) rebars
with a cover of 20 mm (0.8 in.) to the main bar. The transverse steel and axial load were exactly
similar to the circular column. Relevant calculations for plotting the theoretical envelope are

also provided.

(ii) Circular Columns: Cheng (1997), while investigating the effect of lapped splices
in the flexural behavior of columns, tested three circular column specimens of varying concrete
strengths and lapped splice lengths. The columns had an outer diameter 0f603.25 mm (23.75 in.)
and were provided with a clear cover of 48 mm (1.875 in.). Longitudinal reinforcement in the
column consisted of 12 #6 d, = 19 mm) rebars with a nominal yield strength of 438 MPa (63.4 ksi).
The crushing strength (f/) of column CON-RO was 41.37 MPa (6 ksi) while for the columns CON-
R1 and CON-R2 it was 31 MPa (4.5 ksi) and 45 MPa (6.5 ksi), respectively. Lateral reinforcement
in the columns consisted of #3 (d, = 9.5 mm) rebars spaced at 105 mm (4.125 in.) and having a
nominal yield strength of 482 MPa (69.9 ksi). Column CON-R2 was provided with extra spiral
reinforcement in the form of 11 mm (7/16 in.) cable of nominal yield strength 0f690 MPa (100 &si)
at a spacing of 74 mm (2.9 in). Lapped splice lengths in column CON-RO and CON-R1 was
381 mm (15in.) while for CON-R2 it was 191 mm (7.5in.). All the columns had an axial load of
716 kN (161 kips) and a lever arm of 2743 mm (108 in.)

The results of the analytical predictions plotted against the experimental observations in

figure 9-4 show that the results are in good conformity with the proposed theory.

117



L os EXPERIMENTAL
freg
0.41
0.21 ANALYTICAL
0 +—r—— e ——
0 0.05 0.1 015 0.2 0.25

F(i) / F(n)

F(i) / F(n)

CIRCULAR SPECIMEN
TESTED BY CHAI et al. (1993)

CUMULATIVE PLASTIC DRIFT

(a) Circular Column Tested by Chai et al.

03

0.81

0.6

0.4

0.2

CIRCULAR SPECIMEN CON-RO
TESTED BY CHENG (1997)

o T

0.1 0.2 0.3 0.4
CUMULATIVE PLASTIC DRIFT

(c) Circular Column Tested by Cheng et al.

0.5

CIRCULAR SPECIMEN CON-R2
TESTED BY CHENG (1997)

o T

0.1 0.2 0.3 0.4
CUMULATIVE PLASTIC DRIFT

0.5

(e) Circular Column Tested by Cheng et al.

F(i) / F(n)

F(i) / F(n)

0.2

RECTANGULAR SPECIMEN
TESTED BY CHAI et al. (1993)

T

0.05 0.1 0.15 0.2
CUMULATIVE PLASTIC DRIFT

() Rectangular Column Tested by Chai et al.

0.25

0.61

CIRCULAR SPECIMEN CON-R1
TESTED BY CHENG (1997)

0.1 0.2 0.3 0.4
CUMULATIVE PLASTIC DRIFT

T

(d) Circular Column Tested by Cheng et al.

0.5

Figure 9-4 Comparison of Analytical Model with Experimental Cases of Lapped Splice

Failure.

118



9.5 FAILURE OF LONGITUDINAL REINFORCEMENT DUE TO LOW CYCLE FATIGUE

This subsection compares the predictions of the low cycle fatigue theory in terms of
plastic strain amplitude (e,,) of reinforcing bars given by equation (6-1) with test results where
there had been instances of failure due to fracture of the steel. Since the most easily available
test data is the plastic drift (6;7') at failure, the experimental plastic strain amplitude (e;7) is
obtained from the same using geometry in conjunction with the moment area theorem as

/
epr _ gepr DT 9-1)

€ap p
2L,

where D’ = pitch circle diameter of the longitudinal reinforcement and L, = plastic hinge length
to be obtained from experimental data. Note that in case it is unavailable, equation (2-9) can
be used instead. The relevant parameters used for the evaluation of the experimental plastic

strain amplitude are listed in Table 9.1 for the specimens discussed in the following.

(i) Non-Ductile Square columns: Aycardi et al. (1992,1994) evaluated the seismic
performance for square reinforced concrete columns 102 mm x 102 mm cross section and533 mm
tall designed primarily for gravity load. The loading history of the column specimen consisted
of two cycles, each at drift amplitudes of +0.25%, +0.5%, +1%, 2%, +3%, +4% and +5% initially.
Specimen 4, which suffered a low cycle fatigue failure, sustained an additional 14 cycles at a
drift of +5% that caused the first longitudinal bar fracture near the base of the column.
Reinforcement in the columns consisted of 4 — D4 bars (d, = 572 mm (0225 in),
A, = 258 mm® (0.04 in?)) having a yield strength of 469 MPa (68 ksi). Steel used for transverse
reinforcement was smooth round wire (#11 gauge) 3.1 mm (0.12 in) in diameter with a clear
cover of 11.2 mm (0.4 in). The test unit 4 considered for this study sustained ultimate and yield

curvatures of 0.988 rad/m (0.0251 radfin) and 0.079 rad/m (0.002 radlin), respectively.

(ii) Square Hollow Column: Mander et al. (1984) tested four hollow concrete box-type
column sections which were typical scale models for railroad bridge piers used in New Zealand.
Each hollow column specimen was 3200 mm tall and had a 750 mm square cross-section with

120 mm thick walls containing 60 — D10 (10 mm deformed bars) with a yield strength of 335 MPa.
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Transverse reinforcement consisted of R6 (6 mm round bars) bars with a yield strength of
320 MPa. The column sections were provided with a clear cover of 20 mm. The loading history
of Specimen A which suffered a low cycle fatigue failure, consisted of two complete reversed
cycles at each displacement ductility factors of p = +2, +4, 5, 8. This was followed by a
full-scale dynamic loading where the longitudinal rebars sustained 40 cycles at displacement
ductility factor of +4 before the test was terminated. At about cycle 35, the bars commenced
fracturing due to low cycle fatigue. The non dimensional parameter (¢,D) is obtained using

equation (8-18). The yield displacement (A ) was measured at 14 mm.

(iii) Square Columns: Watson and Park (1994) tested eleven reinforced concrete
columns each having an overall height of 3900 mm and a shear span L = 1600 mm. The columns
either had 400 mm square or octagonal sections. The longitudinal reinforcement in the column
consisted of 12 — 16 mm diameter bars with a yield strength of 446 MPa for units 1 to 4 and
474 MPa for units 5 to 11. The clear cover provided was 13 mm (0.5 in) for all the columns.
The square column Units 1 and 2 chosen for this study were provided with 7 mm and8mm
diameter transverse reinforcement. The loading history on the column units consisted of two
cycles to nominal displacement ductility factors p = 2, +4 < +6 , +8. First fracture of a
longitudinal rebar was observed at about 60% of the second cycle and 80% of the first cycle to
the displacement ductility factor of +10 for Units 1 and 2, respectively. The ultimate and the
yield curvatures sustained by the specimen were 0.201rad/m and 0.01rad/m for Unit 1 and

0.1981 rad/m and 0.011 rad/m for Unit 2, respectively.

(iv) Circular Columns: Chai, Priestley and Seible (1991b) tested six circular columns
to study the retrofit measures in a bid to enhance the flexural strength and ductility of circular
bridge columns. The columns tested with a height of 3657 mm (144 in.) an external diameter of
610 mm (24 in) were 0.4 scale prototypes of actual CALTRANS bridge columns with a
1524 mm (60 in.) diameter. The longitudinal reinforcement in the columns consisted of26 —
(d, = 19.05 mm) bars giving a percentage of steel = 2.53%. The transverse spiral steel consisted
of (d, = 6.35 mm) bars at a 127 mm (5 in) pitch. The cover to the main bar was 20 mm (0.8 in).
These columns were tested with and without retrofit. The retrofitted columns were provided

with steel jackets fabricated from 4.75 mm (3/16 in) thick A36 hot-rolled steel providing a
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volumetric confinement ratio of 0.031.

It is of interest to note that low cycle fatigue failure was only observed in the retrofitted
columns. This is because the effective plastic hinge length is very small leading to a much
higher strain demand on the longitudinal reinforcement. Thus the column specimen of interest
in this analysis are Units #6 and #4 since they failed by low cycle fatigue. Loading history for
column consisted of three cycles, each at ductility factors of p =11, 1.5, +2, +3, +5, +6 and+7
with the longitudinal bars fracturing at the first cycle to the displacement ductility factor of 8.
The retrofitted column 4 behaved essentially same as column 6 with excellent stable response
up to the third cycle to a ductility factor of 8 was observed. The plastic hinge léngth (L, for
retrofitted columns were obtained using a slightly modified version of the formula suggested by

Chai, Priestley and Seible

9-2)
Lp = 8800 g, d, + Ve

where e, and d, denote the yield strain and diameter of the longitudinal bar and v, = the
vertical gap provided between the toe of the steel jacket and top of the footing and was25 mm
for columns 4 and 6. Note that the above formula implicitly assumes that yield penetration
occurs on either side of the vertical gap both into the jacketed column and in the foundation.

The yield displacement A, = 28 mm was observed.

) 0ctagbnal Columns: Zahn et al. (1986) tested two spirally reinforced octagonal
columns having a maximum dimension of 400 mm during the course of his doctoral studies at the
University of Canterbury at Christchurch. Unit 5 chosen for this study was reinforced with
16 - 16 mm diameter reinforcing bars (f,=337MPa) and circular Grade 380 spiral of diameter
10mm. The cover up to the hoop steel was 13mm. The test unit was subjected to two
completely reversed cyclic loading or displacement ductilities of 2, 4 and 6 before failing at
about 70% of the first cycle to the ductility factor of 8. The clear length of the column was

1600 mm and the yield displacement was recorded at 10 mm .
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(vi) Circular and Rectangular Columns: Priestley et al. (1994) tested twelve circular and
rectangular column specimens during their studies on shear failure of bridge columns. Circular
columns C6R and C8R with an outer diameter of 632 mm (25 in) were retrofitted with steel
jacket of thickness 32 mm (1/8 in) and had 24 — #6 deformed bars with a yield strength of
469 MPa (68 ksi) as longitudinal reinforcement. The M/VD ratio for the two were 2 and 1.5,
respectively. The retrofitted rectangular column R2R was provided with a steel jacket of
thickness 05 mm (3/16 in) and had 22 — #6 bars with a yield strength of 324 MPa (47 ksi). The
dimensions of column R2R was 406 mm x 610 mm (16 in x 24 in), with a M/VD ratio of 2.0. The
transverse reinforcement for the columns consisted of #2 GRADE40 (6 mm diameter with nominal
strength of 276 MPa) rebars with a clear cover of 203 mm (8 in). Column C6R sustained three
cycles at each displacement ductility factors of w =1, +1.5,2, +3, +4, +5, +6 and +8 before losing
its capacity shortly after the third cycle to p =8 due to the fracture of longitudinal
reinforcement. Column C8R similar to C6R also failed due to low cycle fatigue, but could
easily sustain slightly more than the second cycle (2.25 cycles) to p = 8. Rectangular column
R2R was stable up to p = 10 but lost its capacity after the 3rd cycle to p = 10. Failure as
before was attributed to low cycle fatigue of longitudinal reinforcement. The plastic hinge
length L, was obtained using equation (9-2). Yield displacements of A =13.5mm(0.53in.) and

11.5 mm (0.45 in.) were observed for the circular and rectangular columns respectively.
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Table 9.1 Observed ¢;; and Cycles to Fatigue Failure

Experiments Conducted by | Units | N, | D//L, | 67 | ez Symbols in

Figure 9-5a
Aycardi et al. 4 17.6 | 0.67 | 0.042 | 0.014 A
Mander et al. A 7.5 2.11 | 0.031 | 0.032 M
Watson et al. 1 3.2 1.21 | 0.055 | 0.033 W1
Watson et al. 2 2.4 1.20 | 0.048 | 0.029 w2
Chai et al. 4 7.6 2.12 | 0.053 | 0.056 C4
Chai et al. 6 5.6 2.12 | 0.053 | 0.056 C6
Zahn et al. 5 1.8 1.37 | 0.044 | 0.030 Z
Priestley et al. C6R | 5.6 1.48 | 0.045 | 0.033 P6
Priestley et al. C8R 4.8 1.48 | 0.049 | 0.036 P8
Priestley et al. | R2R 5.9 2.14 |} 0.033 | 0.035 P2

(vii) Circular Columns: Mander and Cheng (1995) tested three one-third scale model
pier specimens to illustrate the concept of replaceable plastic hinge. These columns were of the
same size (279 mm diameter, 1452 mm in height) and were reinforced with W2 (4.05mm diameter)
circular hoop (f, = 317 MPa) at 50.8 mm spacing outside the plastic hinge zone with a clear cover
of 20mm. The longitudinal reinforcement of the conventionally designed column consisted of
12 — D13 Grade 414 MPa rebars, while the other two columns were provided with twelve12.7 mm
diameter high strength threadbars (f, = 841 MPa). Subsequently they also tested a near full size
octagonal column specimen 610 mm. diameter and 3048 mm. high. The main part of the column
was reinforced with twelve 25 mm. high strength threadbars. Within the replaceable hinge zone
the longitudinal bars consisted of twelve fuse-bars that were machined down to about 70% of
their original diameter and connected via couplers to the foundation starter bars. Within the
replaceable hinge was also a central core (279mm in diameter and 1016 mm in length) that
consisted of highly confined high strength concrete. The test results can be compared with
analytical predictions in the same way as before assuming that the fuse bars are uniformly
strained over their entire length. Thus the same equation (9-1) can be used to evaluate the

experimental plastic strain amplitude by replacing L, with the fuse bar length L,. Relevant
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details of the experimental specimens are given in table 9.2 and the test results are compared in
figure 9-5b.

Table 9.2 Observed s,‘;;‘” and Cycles to Fatigue Failure for Specimens tested by Mander

et al.

Series Specimen N, D'/L, 6, Eor’
Conventional CO 19 0.74 0.042 0.016
RO 5.1 1.54 0.041 0.032
Replaceable R1 6.7 1.54 0.037 0.038
(Variable R2 2.9 2.43 0.038 - 0.046
Amplitude) R3 4.5 1.54 0.039 0.031
R4 5.6 1.13 0.040 0.023
Precast PC-RO 5.1 1.13 0.044 0.025
(Variable PC-R1 6.2 1.13 0.043 0.025
Amplitude) PC-R2 7.3 1.13 0.040 0.023
SHEAR 6.7 1.13 0.040 0.023
FTG-6 3.0 1.13 0.052 0.030
FTG-5 5.4 1.13 0.041 0.023
Precast FTG-4 7.8 1.13 0.029 0.017
(Constant FTG-3.5 13 1.13 0.023 0.013
Amplitude) FTG-3 25 1.13 0.018 0.011
FTG-2.5 107 1.13 0.012 0.007
FTG-2 440 1.13 0.005 0.003
Prestressed PS-R1 5.7 0.53 0.017 0.017
(Full Size) PS-R2 9.2 0.53 0.019 0.019
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Figure 9-5 Comparison of Analytical Expression with Test Results of Low Cycle Fatigue.
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9.6 TRANSVERSE REINFORCEMENT FAILURE IN SHEAR

This subsection compares the theoretical predictions of cumulative plastic drift at
transverse reinforcement fracture in shear with experimental results. A brief history of the

specimen used for this illustration is given below.

(1) Retrofitted Model Pier tested by Mander et al. (1996b): Mander et al. (1996b) while
experimenting on the seismic vulnerability of non-ductile bridges tested a 1/3 scale model pier
bent that was a typical representation of the ones commonly found in the eastern United States.
The details of this pier bent are listed in section 10.2. In the second phase of the
experimentation, the model bent was retrofitted by concrete jacketing the foundation and the cap
beam so that the damage in these critical regions were prevented during retest. Due to the
additional concrete layers added to these regions, the length of the column was reduced to
1321mm. The circular columns in the three pier bent were 279 mm in diameter and reinforced
with 16-#3(9.5mm) longitudinal bars with a yield strength of 474 MPa. The transverse
reinforcement was in the form of 4.8mm soft wire hoops with a measured f, =268 MPa. The
strain energy absorption at fracture (modulus of toughness) for these class of wire hoops was
estimated at 78.9 MJ/m*. The average axial load (P,/ fc’Ag) in the columns was 0.0169. The bent
was quasistatically tested in drift control with three cycles at +1.6% and two cycles each for
remaining drift levels of +3.1% and :4.7%. Shear cracks in the form of corner-to-corner
diagonal X-cracks were first observed at a drift amplitude of 3.1%. As a result, failure of the
transverse reinforcement in shear occured during the last two cycles at +4.7% drift. The result
of the experiment is compared with the theoretical prediction in figure 9-6. It is evident that the

theory predicts the cumulative plastic drift at first hoop fracture with fair degree of accuracy.
9.7 CLOSURE

In this section fatigue expressions for the various failure modes discussed so far have
been compared with actual experimental results which had instances of identical failure modes.
These included failure of unconfined concrete, failure due to loss of bond in anchorages, failure

due to loss of bond in the lap splices, failure due to low cycle fatigue of the longitudinal
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reinforcement and transverse hoop fracture in shear. In the majority of the cases the analytical
predictions are conservative in nature. Another point of extreme importance is the fact that the
theory assumes that the different failure modes occur independently of each other. This
implicitly means that one particular mode of failure does not in any way influence the outcome
of another related/unrelated mode of failure. In reality such a scenario is indeed hard to find.
However such an approach was adopted in formulating the theoretical expressions in order to
better understand the various failure modes assuming them to be isolated. More often than not
the failure of an actual structure is influenced by a number of modes that simultaneously follow
each other. Such a case study has been performed in the next section where the complete failure
analysis of a bridge pier bent is performed taking into account all the various failure modes

discussed so far.
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SECTION 10
APPLICATION OF ENERGY-BASED FATIGUE DAMAGE ANALYSIS
TO A BRIDGE PIER WITH MULTIPLE FAILURE MODES

10.1 INTRODUCTION

In the previous section, the proposed energy based strength deterioration models were
compared with test results. Great care was taken in choosing experimental specimens with very
well-defined failure models since it constituted one of the necessary conditions for applying the
theoretical models. This meant that the individual models can only be compared to
subassemblage or component testing rather than the complete structure itself. This is because
more often than not, structure failures are an outcome of several different failure models
occurring simultaneously or in conjunction with each other. Therefore, it is of interest to
investigate whether these models are capable of predicting the overall behavior of a complete

structure as it fails under the impact of lateral loading.
10.2 DESCRIPTION OF SPECIMEN

Mander et al. (1993, 1996a) demonstrated the analysis method using the prototype
column-cap beam subassemblages for the flexural compressive concrete deterioration and
combination with bond/anchorage failure, respectively. In this subsection the evolving energy-
based analysis method will be employed for the evaluation of a whole reinforced concrete

structure with multiple local failure mode.

The 1/3 scale model pier tested by Mander et al. (1996b) was a typical representation of
the non-seismically designed ridge pier bents used in the eastern United States. The plan view
and elevation of the same is shown in figure 10-1. The #3 (9.5 mm) longitudinal bar had a yield
strength of 474 MPa while the Grade 1022 soft wire (4.8 mm dia) possessed a yield strength of
268 MPa. The 28 day compressive strength of the upper and lower columns were 59 and

68 MPa, respectively. The average axial load level of the column was 0.0145f A,
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The next step is to apply the energy based methodology for modeling the behavior of the
pre retrofitted model pier. Nominal plastic mechanism strengths gave a more critical value for
the initial strength, F, = 200 kN for the pre-retrofitted model pier. The calculated residual strength
due to the rocking mechanism was F,,,,, = 155kV. The limiting displacement due to instability

was calculated as A = 228 mm.
10.3 ANALYTICAL MODELING

A non-seismically designed multi-column bent pier under the inelastic cyclic loading is
usually degraded by the combination of several local failure modes such as flexure,
bond/anchorage, column shear, joint shear, and/or low-cycle fatigue of longitudinal rebar.
However, not all the local failure modes participate in the structural failure at the same time,
but they emerge mode by mode at various locations depending on the applied displacement
history. It was observed from the laboratory experiment that this was true for the original (pre-
retrofitted) model pier bent. This sequential degradation in the present energy-based damage

analysis will now be demonstrated.

The expected failure mode for each critical section should firstly be determined for the
postulated structural failure mechanism. For the pre-retrofitted model pier, the column sidesway
mechanism is assumed and perfect strength in lap-splices, column shear and joint shear are also
assumed. Based on the model construction plan in figure 10-1, it was determined that four

different column end types should be considered for local failure modes as shown in figure 10-2.

Column end type 1 ; The top of the external columns belongs to this type. The expected local
failure mode is the bond/anchorage failure of straightly anchored column longitudinal steel.

However, there is some level of confinement provided by the well-anchored cap beam "U" bars.

Column end type 2 ; The top of the middle column is classified in this type. In this column
end, the bond/anchorage failure of straightly anchored column longitudinal steel is expected.
No confinement is assumed, since the cap beam side bars just pass through the beam-column

joint.
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Column end type 3 ; The bottom of the external columns is in this category. Column dowel
bars are anchored with 90° hook into the foundation beam. However, no confinement is
provided for the hook-anchored portion of the bars. Therefore, bond/anchorage failure of the

straight portion of the anchored dowel bars is considered.

Column end type 4 ; The bottom of the middle column belongs to this type. Since the beam-
column joint is T-shaped with the massive concrete footing pad, the 90° anchored column dowel
bars are considered to have sufficient confinement so that bond/anchorage failure can be
prevented. Therefore, fracture in the column longitudinal steel due to low-cycle fatigue is

expected.

Although the external columns under inelastic cyclic loading may respond differently in
between push and pull due to frame action, the dissipated energy in the external columns for any
cycle should be the same. Therefore, an average column is used for the analysis. Energy-based
concrete damage analysis for the average column of the model pier is summarized in table 10-1

with parameter values.

The next step is to consider the effect of concrete deterioration with bond/anchorage
failure on the column end types 1, 2 and 3 as per the procedure given in subsections 2.2.3 and
3.2. The calculated parameter values of an average column for each column end type are

summarized in table 10-2.

The damage model analysis due to concrete deterioration with steel fracture due to low-
cycle fatigue was also performed for the column end type 4 as per the procedure given in

subsection 6.2.1.

The underlying assumption in modelling the composite behavior is that the four locations
at which inelastic actions are considered to be concentrated will act as four individual springs
in parallel. Hence the overall stiffness (or more appropriately the overall force displacement

behavior) can be presumed to be the sum of all the individual contributions.
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Table 10-1.

Energy-based concrete damage analysis for the average column of the pre-
retrofitted model pier.

Drift Number Total Plastic Cumulative Cumulative M.

in of Cumulative Drift Plastic Damage -
Test Cycles Drift 0, Drift Index M,
(rad.) (rad.) (rad.) Z0, D,

0.0025 3 0.015 0 0 0 1.0
0.005 2 0.035 0 0 0 . 1.0
0.01 2 0.075 0 0 0 1.0
0.02 2 0.155 0.0075 0.03 0.043 0.98
0.03 2 0.275 0.0175 0.1 0.142 0.94
0.04 2 0.435 0.0275 0.21 0.299 0.87
0.05 6.5 1.085 0.0375 0.703 1.0 0.56

“Number of cycles chosen for D,; = 1.0.
Note:
1. Refer to subsection 2.2.3 for damage analysis procedure.
2. Relevant parameter values are
Pe/fc’Ag =0.0136; «¢/D=021; Cc/fc/Ag =0068; L,/D=0.62;
M =267kN-m; M,=62kN-m; MM =043; F,=66.9kN; 6 =0.0125 rad

Finally, the evaluated local damage models should be combined together for the response
of the whole pre-retrofitted model pier. The weight factors (number of probable plastic hinge
locations susceptible to a particular failure mode to the total number of probable plastic hinge
locations) readily come out of the number of the corresponding column end type in the pre-
retrofitted model pier. Figure 10-2 presents the individual response for the local damage models
for the model pier. The combined response of energy-based damage model for the pier is
compared to the experimental observation in figure 10-3. The strength deterioration limit is
defined as the limit of usefulness in terms of strength. In this limit the cumulative plastic drift
capacity X6, may be taken as the drift in which the strength drops to 0.8F,, in which F, is the
nominal flexural strength (Park and Paulay, 1975). For the model pier, the theoretical and
experimental useful limits are respectively %6,.=0211rad. and 26,.=0211rad..  The

experimentally observed limit for residual strength was 1.86 rad.
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Table 10-2. Energy-based concrete damage analysis combined with bond/anchorage
failure for individual column end types of the model pier.

Column End Type

Parameters Type 1 Type 2 Type 3
Weight Factor 1/3 1/6 1/3
p, at joint 0.0055 0 0.003
f (MPa) 455 N.A. N.A.
L, (mm) 228 228 200°
d, (mm) 9.5 9.5 9.5
f, (MPa) 60 0 0
fy (MPa) 474 474 474
aM M, 0.50 0.57 0.531
n (number of bars) 16 16 16
fl (MPa) 56.6 56.6 56.6
U, (N/mm?-mm) 96.3 96.3 96.3
€, 0.0024 0.0024 0.0024
Lp (mm) 174 174 86°
13 0.578 0.578 1.17
20, (rad) 0.59 0.519 0.28
F,|F, 0.63 0.678 0.654
F ppetingl , 0.196 0.081 0.144
F,[F, 0.134 0.108 0.124
20p, (rad) 0.63 0.638 0.33

Straight anchored portion of column dowel bars with a 90° hook is used.
®For assumed perfect lap-splices, L, =9d, is used.

Note:

1. Parameter values for the average column in table 3-3 are used.

2. Notations are explained in subsection 2.2.3 and 3.2.

3. Weight factor is determined by the portion of number of column end types
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Table 10-3. Energy-based damage analysis due to concrete deterioration combined with
longitudinal bar fracture due to low-cycle fatigue for column end type 4 of
pre-retrofitted model pier.

1 i : / / A Ms Mc Fi
Drift (6,) Plastic Number of Cumulative AD'|D 7 A 7
(radians) Drift (0,) Cycles Plastic Drift n n r

(radians) ((n)) (2 ()pi)
0 - - - - - 0.43 1.0

0.05 0.0375 0.22 0.225 0.068 0.317 0.213 0.472

0.05 0.0375 22 1.86 0.349 0.562 0.087 0.1

Note: Notations are explained in subsection 6.2.

“Number of cycles chosen arbitrarily to illustrate the working procedure

10.4 CLOSURE

In this section the energy damage models for various modes of failure were combined

together to predict the behavior of a bridge pier bent. This was compared to the experimental

results of a real bent which was tested at the SUNY seismic testing facility. It can be inferred

that results predicted were reasonably accurate and hence the methodology can be used for other

bridge piers that have identical failure modes.
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SECTION 11
SUMMARY AND CONCLUSIONS

11.1 SUMMARY

Modern seismic design codes which came into existence after the devastating
consequences of the 1971 San Fernando Valley earthquake have revolutionized in many ways
that lifeline structures are designed. This put those structures which preceded the modern codes
potentially at risk since their desired capacity (both strength and displacement) were not up to
the envisaged level. Since it is economically not feasible to demolish the deficient structures,
much of the current effort is directed towards alleviating their performance level. Although
there is a plethora of techniques by which such performance objectives can be attained, it is
critical to have a fair idea of the inherent deficiencies of the structure to reach a workable
solution. This is an extremely important topic which has not been addressed in sufficient detail
in any codal provisions. The consequences can be either be a semi-retrofitted structure whose
weaknesses have not been ameliorated completely or one which has been an overkill-both of

which are unacceptable.

It is now well known that confinement of the concrete in the potential plastic hinge zones
is the key to achieving ductility and improved performance under strong ground shaking.
However, most of the older bridge columns are generally not equipped with sufficient confining
reinforcement which makes them vulnerable to earthquakes. More often than not such hazard
zones are also locations of lap splices of the main vertical reinforcement. Another serious
deficiency found in older structures was the unavailability of sufficient anchorage length of the
column reinforcement both at the foundation and at the cap beam level. All these potential
failure modes have been studied in great detail in the current work and simple easy to use
expressions are derived to estimate the strength of the structure governed by such failure modes.
Although the theoretical development assumes that the individual failure modes are independent

of each other, in reality there can be a considerable overlap and the outcome of one particular
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mode can have a strong influence on the other. However, such interaction has not been
considered for simplicity in the current work though it is verified that the theory yields

dependable results even for structures where there had been more than one type of failure mode.

11.2 CONCLUSIONS

Lifeline structures which precede the modern seismic codes are potentially at risk due to
detailing deficiencies in the potential plastic hinge zones. Unavailability of sufficient lateral
reinforcement either for confinement or for buckling restraint can be considered to be one of the
major reasons for such poor performance. In most cases the problem is even aggravated by the
presence of lap splices in the plastic hinge zones or inadequate length of anchorage at the
foundation or at the cap beam level. All these failure modes need to be identified before the
designer attempts any rehabilitating operation to assess the inherent strength of the structural
component. Although modern seismic codes are explicit in the design of new structures there
is a paucity of reliable analytical methods specifically for existing non-ductile structures. The
current work looks into this problem from a new perspective to give a reliable estimate of the
strength and deformation characteristic of the structure using principles of energy balance.
Simple expressions which are easy to use are derived that can capture the behavior of the
structure governed by all the above failure modes. Worked out examples are provided at the
end of each section to illustrate the analysis steps. However, no analytical development is
complete without comparison with actual test data. A section is devoted to testing the analytical
expressions against carefully chosen test results where there had been actual instances of specific

failure modes.
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