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Preface

The Multidisciplinary Center for Earthquake Engineering Research (MCEER) is a
national center of excellence in advanced technology applications that is dedicated to the
reduction of earthquake losses nationwide. Headquartered at the University at Buffalo,
State University of New York, the Center was originally established by the National
Science Foundation in 1986, as the National Center for Earthquake Engineering Research
(NCEER).

Comprising a consortium of researchers from numerous disciplines and institutions
throughout the United States, the Center’s mission is to reduce earthquake losses
through research and the application of advanced technologies that improve engineer-
ing, pre-earthquake planning and post-earthquake recovery strategies. Toward this end,
the Center coordinates a nationwide program of multidisciplinary team research,
education and outreach activities.

MCEER’s research is conducted under the sponsorship of two major federal agencies, the
National Science Foundation (NSF) and the Federal Highway Administration (FHWA),
and the State of New York. Significant support is also derived from the Federal
Emergency Management Agency (FEMA), other state governments, academic institu-
tions, foreign governments and private industry.

The Center’s Highway Project develops improved seismic design, evaluation, and
retrofit methodologies and strategies for new and existing bridges and other highway
structures, and for assessing the seismic performance of highway systems.  The FHWA
has sponsored three major contracts with MCEER under the Highway Project, two of
which were initiated in 1992 and the third in 1998.

Of the two 1992 studies, one performed a series of tasks intended to improve seismic
design practices for new highway bridges, tunnels, and retaining structures (MCEER
Project 112).  The other study focused on methodologies and approaches for assessing
and improving the seismic performance of existing “typical” highway bridges and other
highway system components including tunnels, retaining structures, slopes, culverts,
and pavements (MCEER Project 106).  These studies were conducted to:

• assess the seismic vulnerability of highway systems, structures, and components;
• develop concepts for retrofitting vulnerable highway structures and components;
• develop improved design and analysis methodologies for bridges, tunnels, and

retaining structures, which include consideration of soil-structure interaction mecha-
nisms and their influence on structural response; and

• develop, update, and recommend improved seismic design and performance criteria
for new highway systems and structures.
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The 1998 study, “Seismic Vulnerability of the Highway System” (FHWA Contract
DTFH61-98-C-00094; known as MCEER Project 094), was initiated with the objective of
performing studies to improve the seismic performance of bridge types not covered
under Projects 106 or 112, and to provide extensions to system performance assessments
for highway systems.  Specific subjects covered under Project 094 include:

• development of formal loss estimation technologies and methodologies for highway
systems;

• analysis, design, detailing, and retrofitting technologies for special bridges, includ-
ing those with flexible superstructures (e.g., trusses), those supported by steel tower
substructures, and cable-supported bridges (e.g., suspension and cable-stayed bridges);

• seismic response modification device technologies (e.g., hysteretic dampers, isola-
tion bearings); and

• soil behavior, foundation behavior, and ground motion studies for large bridges.

In addition, Project 094 includes a series of special studies, addressing topics that range
from non-destructive assessment of retrofitted bridge components to supporting studies
intended to assist in educating the bridge engineering profession on the implementation
of new seismic design and retrofitting strategies.

This report presents the methods and results of experimental and numerical research conducted
on built-up shear links intended for the earthquake protection of long span bridges. Large-scale
experiments, material evaluations and numerical analyses were used to: (1) investigate the
performance of built-up shear links fabricated from conventional plate steels, (2) develop design
alternatives to improve the performance of the built-up shear links using HPS and LYP steels,
(3) evaluate large-strain material properties of plate steels and their influence on the shear link
performance, (4) develop a representative numerical model for built-up shear links, and (5)
investigate the contributions to the overstrength of the shear links. Design recommendations for
built-up shear links in bridges were developed on the basis of this experimental and analytical
study.
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ABSTRACT

A variety of applications of built-up shear links can be realized for the seismic protection of bridges. The
objective of this research was to investigate the inelastic behavior of built-up shear links through the use of
large-scale experiments and detailed numerical analyses. The purpose of the large-scale experiments was
to determine the deformation capacity, maximum resistance and ultimate failure mode of built-up shear
links by applying incrementally increasing cyclic plastic deformations. Two experiments utilizing conven-
tional grade steel confirmed the viability of utilizing built-up sections. The use of high performance steel
was then implemented to further extend the design options and illustrate the suitability of this grade for
seismic applications. Low yield point steels were utilized to develop three types of shear links with low
web compactness and without stiffeners. Two types of deformation history were used to evaluate these
types of shear links; incremental cyclic and near-fault histories. The links exhibited ductile hysteretic
behavior under both deformation histories, with the ultimate deformation capacity significantly exceeding
the links where stiffeners were used. The improved performance was a direct result of excluding interme-
diate stiffeners which eliminated welds and reduced shear strain demand. However, the shear strength was
found to vary among the different designs. The major shear strength contribution was found to relate to the
grade of steel and minor shear strength contributions were found by parametric numerical studies to origi-
nate from the web and the flanges as well as the stiffeners. These results led to the development of a rela-
tionship for plastic shear strength of built-up shear links that reflected the trends obtained from the
parametric studies. An expression was developed that effectively correlated with experimental results and
conservatively estimated the shear link overstrength. Based on the results of the experimental and numeri-
cal research, built-up shear links were shown to be effective hysteretic energy dissipators. The importance
of estimating the link overstrength was illustrated and design recommendations developed.
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SECTION 1
SHEAR LINK HYSTERETIC DEVICES FOR HIGHWAY BRIDGES

1.1 Shear Links in Seismic Design

Earthquakes can be devastating to a society’s infrastructure by inducing significant damage in structures
that may cause collapse and loss of life. The ability of a structure to deform inelastically without signifi-
cant loss of strength generally improves the seismic response by limiting forces in the structural members,
lengthening the effective period and providing hysteretic energy dissipation. Structural components can
yield under axial force, shear force, moment or torsional demands and can be designed to do so at predeter-
mined locations in the structure. The concept of designing specific members of a structure to yield while
preserving the integrity of other components is a common approach in capacity design.

The use of shear plastic deformations in steel beams is one example which has been adopted primarily for
special cases of braced frame buildings referred to as eccentrically braced frames. The beam sections in
which shear dominates the inelastic response are called shear links and are the subject of this research. In
effect, shear links are response modification devices that dissipate energy through hysteretic action of steel
yielding and deformation under plastic strains. The hysteretic attributes, such as deformation capacity,
shear strength and failure mode, are therefore primary characteristics of the device. Examples of applying
shear links for bridges are illustrated later in this section.

1.1.1 Background to Eccentrically Braced Frames

Buildings with eccentrically braced frame (EBF) lateral load resisting systems have become popular in
regions of high seismicity because they combine high lateral stiffness with excellent ductility. In EBFs,
braces connect to beams at short distance offsets from a column-to-beam or from another brace-to-beam
connection as illustrated in a typical layout in Figure 1-1. The beams are typically located at building floor
levels.

EBF development and associated research was primarily conducted during the 1980s (Roeder & Popov
1978, Hjelmstad & Popov 1983, Popov & Malley 1983, Kasai & Popov 1986, Ricles & Popov 1987,
Englehardt & Popov 1989). Experimental research involved tests of rolled steel shapes ranging in depths
from 305 mm (12 in) to 457 mm (18 in) and fabricated from A36 250 MPa (36 ksi) nominal yield steel. The
links were primarily divided into short shear links where shear deformations dominate the behavior, long
links where moment deformations dominate the inelastic behavior and intermediate links for regions in
between. Analytical studies were conducted on local link behavior as well as global EBF models. The
results of this research form the basis of the design guidelines for shear links.

The ductility of the EBF system depends on the plastic deformation capacity of the eccentric length of a
beam called a link. The plastic deformations are caused by the shear forces and bending moments induced
by the connection eccentricity. The link shear V and the moment M at the ends of the effective length e can
be related through equilibrium when assuming equal end moments as expressed in Equation 1-1.

(1-1)

This expression allows structural elements such as columns, braces and beams outside of the effective
length to be designed to remain elastic and thereby confine yield to the link alone.

2M Ve=
1



1.1.2 Review of EBF Shear Link Design Provisions

The results of the above research formed the basis of design provisions published as part of the Seismic
Provisions for Structural Steel Buildings by the American Institute for Steel Construction (AISC 2002).
These provisions provide general guidelines for the designs of eccentrically braced frames and detailing of
the shear links. The specifications include equations for nominal strength of the link, effective link length,
spacing of stiffeners and the required strength of components outside of the link.

1.1.2.1 Nominal Strength and Effective Length of Shear Links

Nominal design shear strength Vp is based on the plastic shear strength of the web according to Equation 1-
2, where fy is the nominal yield strength, d is the depth of the section, tf and tw are the flange and web thick-
nesses respectively. The shear strength is based on von Mises yield criteria for shear, where the shear yield

stress τy is approximated as  (Maley & Popov 1983).

(1-2)

The plastic moment strength Mp is calculated assuming full section plasticity according to Equation 1-3,
where Z is the plastic section modulus.

(1-3)

Figure 1-1: Typical Layout of Shear Link in Eccentrically Braced Frame

τy fy 3( )⁄ 0.6fy≈=

Vp 0.6fytw d 2tf–( )=

Mp fy Z⋅=
2



The eccentric link length is an important characteristic relative to the plastic moment and the plastic shear
capacity as it determines if the shear force, flexural moment or their combination dominate the inelastic
response. Based on equilibrium (Equation 1-1), a balanced condition exists when the link length equals to
2Mp/Vp. The AISC Seismic Provisions restrict link length to ensure shear dominated behavior by maintain-
ing end moments M < 0.8Mp. Hence, the effective length of shear links must satisfy Equation 1-4.

(1-4)

The response of links with lengths greater than 2.6Mp/Vp, were determined to be dominated by inelastic
flexure deformations and lengths between 1.6Mp/Vp and 2.6Mp/Vp by a combination of shear and flexural
deformations (Engelhardt & Popov 1989).

1.1.2.2 Shear Deformation Limit and Stiffener Spacing

The provisions limit the maximum expected demand on the shear link based on the intermediate web stiff-
eners spacing. The use of stiffeners was found to influence the shear deformation capacity, with improved
hysteretic performance caused by the delaying of web buckling. The stiffener spacing a is expressed using
Equation 1-5 and Equation 1-6 for two maximum demand levels, which are measured by the plastic shear
deformation γp illustrated in Figure 1-2.

  for rad (1-5)

 for rad (1-6)

Linear interpolation can be used for the expected demands between the two values. The implied minimum
rotation that should be achieved by a shear link satisfying Equation 1-6 is γp = 0.08 rad. 

Figure 1-2: Global Geometry and Shear Link Deformation in EBF
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1.1.2.3 Strength of Components Outside the Link

The AISC Seismic Provisions stipulate the design strength of components outside of the link to exceed the
forces generated by the nominal shear strength of the link, multiplied by Ry and further increased by 25%
to account for strain hardening. The Ry factor accounts for the variability in the material yield strength,
which ranges from 1.1 to 1.5 depending on the steel grade.

1.1.3 Global Geometry and Shear Link Demands

At the early design stage, significant leeway exists regarding global geometry of the system being
designed. The global geometry can have significant impact on the demands imposed on a shear link and
variations in global geometric parameters can be used to optimize the design. Considering the EBF rigid-
plastic mechanisms shown in Figure 1-2, the link rotation angle γp can be shown to be directly proportional
to the bay width L and plastic inter-storey drift θp, but inversely proportional to the link effective length e
as shown in Equation 1-7 (AISC 2002). By altering the relative dimensions of the link effective length and
bay width, a reduced link rotation angle can be achieved.

(1-7)

At the same time high stiffness is often desired from the serviceability point of view, which requires shorter
link lengths. The shorter the link, the greater the plastic demand on the link at a constant value of inter-sto-
rey drift and bay length. Using Equation 1-7, the global geometry of the structural system can therefore be
adjusted to optimize the system stiffness and plastic demands on the link based on the specific require-
ments of each application.

1.1.4 Need for Built-up Shear Links

The focus of previous research was on the use of rolled wide flange beams for shear links in eccentrically
braced frame buildings. However, rolled sections are not suitable for applications where large strengths are
required, such as in major long span bridges. Additional design freedom of geometry and material selec-
tion can be realized through the use of steel plates to assemble the link section.

The use of built-up shear links allows for the optimization of stiffness and strength through greater choice
of plate size and link geometry. Deep rolled wide flange sections typically have web thicknesses that result
in undesirably high shear strengths as compared to their moment capacities. The maximum design length
in Equation 1-4 can be normalized to the section depth d in order to obtain a relative sense for different link
sizes. Based on this relation, Figure 1-3 summarizes the maximum possible effective lengths of all avail-
able wide flange shapes obtained from the Manual of Steel Construction (AISC 2001). As shown, some
sections do not meet the limiting compactness ratios when considering 345 MPa (50 ksi) nominal yield
strengths according to Equation 1-8 and Equation 1-9 for the flange and web respectively, where E is the
elastic modulus, b is the flange width and h is the web height. For shear links deeper than 400 mm (16 in),
the options greatly decrease, eventually leading to maximum effective lengths that are well below 3 times
the link depth for sections deeper than 600 mm (24 in).

 for the flanges (1-8)

γp
L
e
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 for the web (1-9)

The use of built-up sections removes the predetermined geometry design limits associated with rolled sec-
tions and also permits the use of alternative steels in an effort to improve the performance. Typically, new
product lines are initially only produced as plates, meaning that the inclusion of such materials in shear
link design must be through the use of built-up sections.

1.1.5 Design Strength of Built-up Shapes

Built-up shear link actual design strength can be determined using the shear link design equations along
with the actual yield strength fya obtained from tests on coupons from the same plate as that used to fabri-
cate the link. For built-up shear links, the measured web yield strength fyaw and flange yield strength fyaf
can vary. The ratio of the measured yield strength to the nominal accounts for the yield strength variability
and can be compared to the Ry value in the design provisions. The actual shear strength Vpa can therefore
be calculated from Equation 1-2 as follows.

(1-10)

Figure 1-3: Shear Link Effective Length Options for Rolled Wide Flanges
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The plastic moment strength of built-up shapes needs to incorporate the potential variability in material
between the flange and web. The plastic section modulus is therefore insufficient. Based on a symmetric
wide flange built-up section, the actual moment capacity Mpa can be expressed as in Equation 1-11.

(1-11)

Shear link deformation is expected to be dominated by shear. In order to obtain a sense of the relative shear
and moment capacities, a non-dimensional ratio can be introduced based on the equilibrium relationship in
Equation 1-1 and the above capacities. The link capacity ratio defined in Equation 1-12 is unity when the
plastic shear and moment capacities are simultaneously reached. Ratios greater than 1.0, indicate a shear
link section that will first yield in shear.

link capacity ratio (1-12)

For example, the AISC provisions length restriction of Equation 1-4 for shear links results in link capacity
ratio of 1.25.

1.2 Desirable Shear Link Performance Characteristics

Possible failure modes of shear links include the plastic buckling of the web, fracture of the web, fracture
of the tension flange, cracking of the compression flange caused by low cycle fatigue and connection fail-
ure. The underlying philosophy of the shear link design is to delay the aforementioned failure modes until
the required performance criterion is achieved. The performance is mainly defined by the deformation
capacity, but other important considerations must be made.

1.2.1 Deformation Capacity

The shear link must be capable of sustaining the deformation demands imposed during an earthquake with-
out reaching failure. For ductile capacity design, it is the plastic deformations that define the deformation
capacity. The plastic rotation angle of Figure 1-2 can be obtained from the total link rotation γeff, by sub-
tracting the elastic contribution using Equation 1-13 where V is the shear and kve is the stiffness obtained
from the elastic shear rotation response. The AISC Seismic Provisions imply a minimum plastic deforma-
tion capacity of a shear link by restricting the demand to below γp = 0.08 rad at the design storey drift. The
implication is that any link that is designed according to the provisions can endure at least 0.08 rad of plas-
tic rotation.

(1-13)

As explained in Section 1.1.3, link deformation demand can vary for the same drift values based on the
global geometry. If it can be shown that links can endure significantly higher levels of deformation, stiffer
frames can be designed with improved ductility. The higher the link deformation capacity the better the
performance characteristics.
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1.2.2 Overstrength

The maximum shear strength Vmax that develops in the link can be different to the plastic shear capacity.
The ratio of the maximum shear strength to the plastic shear capacity is referred to as overstrength and
encompasses all factors that can contribute to the increased resistance, including material strain hardening
and composite floor action in building frames. Two plastic shear capacities were defined as the nominal
(Equation 1-2) and the actual (Equation 1-10), resulting in two definitions of overstrength expressed in
Equation 1-14 and Equation 1-15.

(1-14)

(1-15)

The relationship between the two overstrength ratios is based on the variability in the steel yield strength
between the nominal and the measured and can be expressed as Ω = fya/fyΩs . For cases where the mea-
sured yield strength is not known, Ry factor can be used in place of fya/fy ratio.

The design of components outside of the link must account for the maximum force that can be developed
in the shear link, placing significant importance on quantifying the overstrength. As explained in the AISC
Seismic Provision’s (2002) commentary, the chosen increase of 25% in shear link capacity is only slightly
below the measured overstrength from links constructed from A922 rolled shapes (Arce 2002). The AISC
Seismic Provisions encourage conservative designs because tests on links from A36 steel were shown to
have hardening of approximately 1.5. Earlier versions of the AISC Seismic Provisions (1997) commentary
explained that when the 25% increase is combined with design resistance factor φ, which can be 0.5 or 0.9
for axial compression or flexure design respectively, the overstrength being designed for corresponds to
the observed overstrength of 1.5 as 1.25/φ ≈ 1.5. It was noted that results of large strain hardening were
recorded from tests on shear links with proportions that are significantly different than rolled sections.
These tests are discussed in greater detail in Section 1.4.

Underestimating the overstrength developed in a shear link can lead to deficient designs and undesirable
failure modes. The link itself is also affected by the overstrength since statics dictate that the increased
shear leads to proportionately larger end moments in the link. High values of overstrength can be designed
for as long as they can be quantified. However, little is known about the cause and variability of over-
strength, especially in built-up sections.

1.2.3 Failure Mode

Desirable failure limit state of a shear link is plastic deformation that is contained to within the effective
length in the webs that deform without buckling. Web buckling was found to gradually degrade the cyclic
hysteretic behavior and is acceptable if the degradation can be delayed until the performance criteria of the
shear links are met. From past research on shear links from rolled sections, failures of the flange or connec-
tions can result in sudden decrease in resistance and should be avoided.

Ωs
Vmax
Vp

-----------=

Ω
Vmax
Vpa

-----------=
7



1.3 Observed Earthquake Performance of EBFs

A number of cyclic experiments have been conducted to investigate shear link performance (Popov et al)
and a simulated earthquake excitation of EBF building has also been performed in the laboratory (Foutch
1989). However, observations of EBF performance after major earthquakes is scarce. As a relatively new
structural system, EBFs do not had the history of other systems such as wood frame, masonry walls, con-
crete and ordinary steel frames and shear walls. Structural steel construction is common in more developed
countries limiting the observations to only a few significant seismic events within the last couple decades.

During the Loma Prieta earthquake of 1989, building damage was mainly in structures with known vulner-
abilities and damage to the transportation system was significantly more notable (Astaneh-Asl et al 1989).
The Northridge earthquake in 1994 illustrated a particular vulnerability in steel moment framed structures,
but no observations of damage to EBFs have been reported (Bertero et al 1994). Similarly, the city of Kobe
experienced widespread damage throughout the region after the Hanshin-Awaji earthquake of 1995, but no
evidence of damage to EBFs has been found (Bertero et al 1995).

The only documented example of EBF field performance was after the Nisqually earthquake in Washing-
ton State in February 2001 (Filiatrault et al 2001). The Starbucks Headquarters Building had been retrofit-
ted with EBFs in both principal directions in 1995. Comprising of masonry walls and flat floor slab, the
building escaped major damage. The performance was mainly attributed to the EBFs that were observed to
have significant yielding in the shear links as shown by the peeling paint on the sixth floor in Figure 1-4.
The EBF retrofit performed well and successfully protected the building from brittle failure.

1.4 Applications of Built-up Shear Links to Bridges

Built-up shear links become especially attractive in the design and retrofit of bridges where the large
capacity requirements exclude the use of rolled shapes. Two such examples of bridges located in high seis-
mic areas are the retrofit of the Richmond-San Rafael Bridge and the tower of the new replacement span of

Figure 1-4: Retrofitted Building After Nisqually Earthquake (Filiatrault et al 2001)
8



the San Francisco-Oakland Bay Bridge (SFOBB). Both of these bridge projects involved large-scale proof
testing to verify the design. These tests provided some of the only experimental data for large-capacity
built-up shear links.

1.4.1 Richmond San Rafael Bridge EBF Retrofit

The eccentrically braced frame approach was applied as part of the retrofit by Gerwick/Sverdrup/DMJM
Joint Venture for the Richmond-San Rafael Bridge (RSRB) near San Francisco, California (Vincent 1996).
The EBF retrofit involved the complete replacement of the laced chevron braces of the support towers with
dual eccentrically braced frames. These are as shown under construction in August 2003 in Figure 1-5. The
gravity load carrying columns were strengthened, but otherwise left in place.

The cyclic behavior of the built-up shear links was investigated using full-scale EBF specimens at the Uni-
versity of Nevada, Reno (Itani 1997). The test setup used symmetry and boundary conditions such that
only one half of the EBF was tested as illustrated in Figure 1-6(a). The effective length of a typical shear
link was 3660 mm (12 ft) and section depths ranged from 410 mm (16 in) to 760 mm (30 in). The length to
depth proportions are unusually high for shear links so thin web plates were used to ensure that shear dom-
inated the inelastic behavior.

Two test specimens, designated BU30 and BU16 for the deepest and the shallowest EBF beam section,
were cyclically tested. The characteristics and achieved capacities are summarized in Table 1-1. The maxi-
mum achieved deformation (γp)max found to exceed the expected demands on the bridge, but cracking of
the flange was observed in the experiments and was found to cause brittle failure in the deeper link as
shown in Figure 1-6(b). The overstrength was significantly higher than the AISC Provisions stipulate.

Figure 1-5: Richmond San Rafael Bridge Retrofit Under Construction
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1.4.2 Shear Links in New SFOBB Bridge Tower

The new replacement span of the San Francisco-Oakland Bay Bridge was designed by the joint venture of
T.Y. Lin International and Moffatt & Nichol Engineers to include a self-anchored, single tower suspension
span, scheduled for completion in 2010 (Nader et al 2004 and 2002, Tang et al 2000). The main tower con-
sists of four pentagonal steel shafts that are tied together by shear links in the longitudinal as well as the
transverse directions. A total of 120 shear links are distributed at various heights. A computer generated
rendering of the bridge and a typical tower cross-section at one of the levels is shown in Figure 1-7. The
shear links are designed to yield under large lateral demands and limit the forces transferred to the gravity
load carrying shafts. Two shear links connect the adjacent shafts in the longitudinal direction at each level
and two links join the adjacent shafts in the transverse direction at each level. Detailed description of the
link-to-tower assembly is described in Appendix A. The shear links are stiffened steel beams built-up from
plates and are bolted to the shafts to facilitate post-earthquake replacement. The width of the shafts and the
distance between the shafts eliminate the need for braces in engaging the shear links. 

Full-scale proof tests of two types of shear links were conducted at the University of California, San Diego
(McDaniel 2002). The links (Type 1 and Type 3) corresponded to typical links used for the transverse and
longitudinal direction of the bridge. Each link was mounted between two columns shown in Figure 1-8 and
cyclically loaded by increasing the top tower displacement. The details of the link characteristics and per-
formance values are summarized in Table 1-1. The deformation capacity exceeded the expected design
demand on the bridge, but underachieved the implied minimum of the AISC Seismic Provisions of
0.08 rad for both cases. A brittle failure mode was initiated in the web next to the stiffener and web welds.
The overstrength was significantly higher than the AISC Provisions stipulate, but of similar levels as those

Figure 1-6: EBF Proof Test of Richmond San Rafael EBF Retrofit (Itani 1997)
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Figure 1-7: Rendering of the New SFOBB Suspension Signature Span

Figure 1-8: Full-scale Proof Test for SFOBB Shear Links at UCSD
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recorded during the Richmond-San Rafael shear link tests (McDaniel 2002, Itani 1997). The overstrength
based on Equation 1-15 is included in Table 1-1.

A similar concept of shear links had also been proposed for the cable stay alternative for the same crossing,
also designed by T.Y. Lin International (Goodyear & Sun 2003) and illustrated in Figure 1-9. The tower
itself was proposed as two hollow concrete semi-circular shafts connected by shear link fuses in the trans-
verse direction only. The principal difference in the design of the shear links as compared to the suspension
cable links was the use of a box cross section instead of a I-shaped girder and the utilization of the shear
links in the transverse direction only. The cable stay design was not selected for construction and was these
particular links were not designed in detail or proof-tested (Vincent 1996).

1.5 Potential Uses of Shear Links in Bridges

In addition to the systems discussed in the previous section, a number of other applications of built-up
shear links can be realized to enhance the seismic performance of different types of bridges in high seismic
areas. Some of these are generalizations of the aforementioned systems, while others are extensions of pre-
viously proposed concepts and suggestions for new potential uses.

Figure 1-9: Rendering of the SFOBB Signature Span Cable Stay Alternative
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1.5.1 Shear Links in Bridge Support Structures

The extension of the EBF concept can be made for any bridge support structure for which braced frames
would normally be considered. These can include simple bridge bents with a single EBF or tall piers con-
taining multiple levels of EBFs, such as the Richmond-San Rafael Bridge piers. The main difficulty in
implementing the EBF concept for the latter case relates to the lateral stability of the steel frames.

Compression can occur in both the top as well as the bottom flange of the shear link and lateral bracing is
therefore required at the ends of each link effective length to prevent lateral torsional buckling. Floor slabs
or transfer beams of buildings can provide sufficient lateral support, but bridges typically lack those sec-
ondary structural systems and alternate framing must therefore be implemented. In the case of the Rich-
mond-San Rafael Bridge, dual EBFs that laterally brace each other were built (Vincent 1996). Illustrations
are shown in Figure 1-10 for two leg as well as four leg pier arrangements.

As shown by the new SFOBB designs for both the suspension as well as the cable stay alternatives, shear
links can be effective fuses in tall slender support towers. For SFOBB, the close spacing of the towers
eliminated the need for the eccentric bracing and the torsional rigidity of the towers eliminated the need for
lateral bracing. These design schemes also allow for post-earthquake replacement of the links via bolted
connections between the shear links and the towers.

Table 1-1: Summary of Previous Tests on Built-up Shear Links for Bridges

Parameter
Link Type

Richmond-San Rafael Bridge 
(Itani 1997)

San Francisco-Oakland Bay 
Bridge (McDaniel 2002)

BU30 BU16 Type 1 Type 3

e, mm (in) 3658 (144) 3658 (144) 1680 (66) 1000 (39)

d, mm (in) 762 (30) 406 (16) 950 (37) 950 (37)

bf, mm (in) 356 (14) 356 (14) 600 (26.6) 475 (18.7)

tf, mm (in) 38 (1.5) 38 (1.5) 45 (1.8) 45 (1.8)

tw, mm (in) 10 (0.4) 10 (0.4) 28 (1.1) 28 (1.1)

Steel Grade A572 345 MPa (50 ksi) A709 345 MPa (50 ksi)

Maximum Achieved Shear 
Deformation (γp)max, rad

0.080 0.097 0.060 0.066

Maximum Measured Shear
Vmax, kN (kip)

2780
(625)

1446
(325)

9363
(2105)

9919
(2230)

Measured Overstrength
Ω = Vmax/Vpa

1.89 1.93 1.84 1.94
13



1.5.2 Shear Links as Hysteretic Dissipators in Pier Rocking

Back-and-forth rocking of bridge piers was implemented in the design of the South Rangitikei rail bridge
in New Zealand in the 1970’s as a form of base isolation to reduce the seismic demands by increasing the
period of the bridge. A number of retrofit schemes of long span bridges have also involved pier rocking,
which reduces the overall cost of the strengthening. For example, the retrofit of the partially collapsed pier
E9 of the SFOBB truss spans involved the ability of the pier to rock in the longitudinal direction on top of
the concrete footing (Astaneh-Asl & Shen 1993). Similarly, rocking of the main towers of Golden Gate
Bridge near San Francisco, California, as well as the approaches to Lions Gate bridge in Vancouver, British
Columbia, have shown to improve the global seismic performance (Seim & Rodriguez 1993, Dowdell &
Hamersley 2001).

Gravity is relied upon to produce the restoring force, but energy dissipation is often needed to limit the dis-
placement demand and dampen the rocking response. Hysteretic devices such as torsion yielding of mild
steel rods and triangular flexural yielding devices have been incorporated at the anchorage of the South
Rangitikei and Lions Gate Bridges respectively. More recently, adding unbonded braces has been proposed
(Pollino & Bruneau 2004). Shear links could also be candidates given their potential for high capacity and
ductile hysteretic behavior.

Shear links can be incorporated at the anchorage of piers as shown in Figure 1-11(b), but special attention
is required to resist the link end moments at the piers as well as the foundation. The end moments can be
self-reacted at the pier by providing dual facing links. The dual links would provide restraint without
inducing moments into the piers. A pin connection can be used at the foundations to completely eliminate
moment reactions. In this arrangement, the equilibrium changes the effective length for design by half.

Figure 1-10: Example of Lateral Bracing for EBFs (Vincent 1996)
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Built-up shear links can be utilized to provide section geometries with sufficient length and resistance to
counteract the shortening of the effective length caused by the pin connection and yet continue to plasti-
cally deform in shear.

1.5.3 Shear Links in Truss Bridges

A ductile design solution utilizing EBFs has been proposed as a retrofit scheme for enhancing seismic per-
formance of steel deck-truss bridges (Sarraf & Bruneau 1999a, b). After making the deck composite with
the top chord of the truss to efficiently transfer the inertia loads, the end cross-frames and the lower lateral
brace panels of the truss can be replaced by EBFs as illustrated in Figure 1-12. The shear links in the EBFs
act as fuses, limiting the force in the transverse direction on both the superstructure as well as the substruc-
ture. Other types of ductile end frames were also suggested, such as vertical shear link and triangular plate
added damping and stiffness device. The validity of this retrofit scheme was shown by numerical analysis
and design recommendations were proposed.

A similar concept can also be extended for through-truss bridges. In this case, the inertia loading from the
deck would be transferred at the elevation of the lower chords of the truss. The lower horizontal end panel
EBF illustrated in Figure 1-13 can be used to protect the bottom truss chords. Special attention would have
to be placed on ensuring that the deck is not made composite for the entire length of the bridge. Since duc-
tile deformation of the end panels is required, the deck would need to be uncoupled in those locations so
that it does not act as a stiff diaphragm. To protect the top chords, portal frames could be designed as spe-
cial moment frames at the ends of the bridge, or as EBFs for bridges with sufficient height. 

Figure 1-11: Hysteretic Dissipators for Pier Rocking
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1.5.4 Shear Links in Steel Girder Bridge Diaphragms

The potential use of shear links is not restricted to long span bridges and has been suggested for the end
diaphragms of slab-on-girder bridges. Bridge diaphragms are typically considered secondary members, but
seismic inertia forces are transferred through the end diaphragms to the substructure making them an inte-

(a) Illustration of EBFs                       (b) EBF Details for Example Truss

Figure 1-12: Shear Links in Deck-Truss Bridges (Saraf & Bruneau 1998)

Figure 1-13: Shear Links in Through-Truss Bridges
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gral part of the seismic load path. The demands on the superstructure or substructure can be reduced if the
end diaphragms are designed to yield under large seismic forces (Astaneh-Asl 1996) and EBFs can be
incorporated as illustrated in Figure 1-14 (Seyed & Bruneau 1999a,b). Cyclic tests of full-scale specimens
utilizing rolled wide flange shear links demonstrated the capacity of the assembly to dissipate energy (Zah-
rai & Bruneau 1999a, b).

1.6 Research Purpose

Eccentrically braced frames use shear yielding elements called shear links to protect structures from earth-
quake induced loads. The use of sections that are built-up from plates instead of rolled shapes becomes
necessary for applications requiring large capacities, such as when used in major bridges. Little is known
about the performance of built-up shear links and consequently the design requirements for such compo-
nents. Isolated cases of built-up shear links have been implemented for seismic retrofit and design of major
long span bridges in high seismic areas and a variety of other potential applications for bridges are also
possible. The overall effectiveness of these structural systems during an earthquake depends on the perfor-
mance of the shear links components, demanding an improved understanding of the behavior of built-up
shear links.

The primary goal of the research was to investigate the performance of built-up shear links subjected to
cyclic inelastic deformations. The objectives were to use large-scale experiments, material evaluations and
numerical analyses to:

• investigate the performance of built-up shear links fabricated from conventional plate steels,
which are commonly used in steel bridge construction

• develop design alternatives to improve the performance of the built-up shear links using alter-
native steels such as HPS and LYP steels

• evaluate large-strain material properties of plate steels and their influence on the shear link
performance

• develop a representative numerical model for built-up shear links.
• investigate the contributions to the overstrength of the shear links.
• develop design recommendations for built-up shear links in bridges.

(a) Cross Section of Steel Girder Bridge      (b) EBF Details for Example Bridge

Figure 1-14: Shear Links in Steel Girder Diaphragms (Seyed & Bruneau 1999a,b)
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1.7 Report Organization

This report contains the methods and results of experimental and numerical research conducted on built-up
shear links intended for the earthquake protection of long span bridges. The general organization follows a
chronological sequence of the experimental phases in order to reflect the evolution of ideas and concepts.
The sections are outlined as follows:

• Section 1 serves as an introduction by reviewing past literature and outlining the applications
of built-up shear links for the earthquake protection of long span bridges.

• Section 2 discusses the results from experiments on built-up shear links utilizing conventional
plate steel. The load history and test setup in these tests became the experimental platform for
subsequent link designs.

• Section 3 presents the design and results from testing a shear link utilizing high performance
steel.

• Section 4 discusses the evolution of the shear link design philosophy to links without stiffeners
and utilizing low yield point steels. Two different loading histories were used to experimen-
tally evaluate the performance of these innovative designs.

• Section 5 compares the performance of the different shear links and outlines the relative
advantages and disadvantages.

• Section 6 discusses the results from detailed numerical analyses of the built-up shear links that
were experimentally tested.

• Section 7 discusses the results of parametric studies used to investigate the different contribu-
tions to built-up shear link geometry on the shear resistance. The results from the experiments
and numerical analyses are used to develop an expression for evaluating the shear resistance of
built-up shear links that incorporates the link geometry as well as the material stress-strain
characteristics.

• Section 8 provides recommendations for the design of built-up shear links based on the
research findings.

• Section 9 contains the conclusions from the experimental and analytical phases of the research
and outlines recommendations for future research.

• Appendix A provides detailed description of the experimental test setup that was utilized for
the large scale shear link experiments.

• Appendix B contains support documents such as mill certificates from the materials used and
welding procedures from fabrication.
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SECTION 2
CYCLIC PERFORMANCE OF SHEAR LINKS DESIGNED USING 

CONVENTIONAL PLATE STEEL

2.1 Shear Link Properties and Test Setup

Built-up shear links were designed from steel that would typically be used for construction of steel bridges.
Typical construction grade steels are composed of mainly iron with carbon, manganese, sulphur, silicon
and aluminum as primary additives that are mixed to control the properties of the steel. Of particular inter-
est is the high content of carbon and manganese elements, which generally increase the yield strength but
have adverse effects on ductility and weldability. The steel bridge industry commonly specifies A709
Grade 345 MPa (50 ksi) weathering steel for fabrication of plate girders for its ductility and weldability.
The A709 grade steel represents the conventional steels that is available from mills in the United States in
wide range of plate thicknesses.

The experiments on these links were aimed to demonstrate the feasibility of using built-up sections for hys-
teretic shear links. The objectives of the tests were to experimentally investigate the performance of built-
up shear links designed from conventional plate steel and subjected to cyclic loading. Of specific interest
was the deformation capacity, ultimate resistance and failure mode.

2.1.1 Shear Link Design

Two different shear link geometries were designed using the conventional grade steel. These are referred to
as Link C345a and Link C345b and were half-scale replicas of typical shear links in the transverse and lon-
gitudinal orientations of the new SFOBB tower. As shown in Figure 2-1, each link consisted of an effective
length in the middle and connection regions at the ends of each link, which allowed bolted connections to
the test setup. The effective length was designed using A709 Grade 345 MPa (50 ksi) steel and was
intended to deform inelastically, while the connection regions were designed from higher strength A709
High Performance Steel HPS 485 MPa (70 ksi) and were intended to remain elastic. Thicker plates were
incorporated into the connection zone to compensate for the net section reduction caused by the bolt holes.
Typical connection details of the links to the rest of the test setup is described as part of Appendix A. 

Table 2-1: Nominal Design Properties of Built-up Shear Link from Conventional Grade Steel

Design Property
Link Type

C345a C345b

e, mm (in) 840 (33.1) 500 (19.7)

Vp, kN (kip) 1245 (280) 1245 (280)

Mp, kNm (kip ft) 1252 (923) 1043 (769)

Stiffener Spacing, mm (in) 280 (11.0) 250 (9.8)

hw/tw 31 31

bf/2tf 6.8 5.4
19



Figure 2-1: Built-up Shear Links C345a and C345b Details
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The two different shear link geometries were based on the SFOBB design by T.Y. Lin International and are
shown in Figure 2-1. The link design properties were calculated based on the recommendations of the
AISC Seismic Provisions for EBF shear links reviewed in Section 1.1.2. The resulting design properties
that are based on the nominal yield strengths only are summarized in Table 2-1. The shear capacity was the
same for both links and the effective lengths were within the recommended maxima for shear links. The
web and flange compactness satisfied the specified ratios for compact sections. Full depth web stiffeners
were provided at the ends of the effective length, with intermediate stiffener spacing at less than the mini-
mum specified for shear links. The stiffeners divided the shear link into panels that were identified starting
from middle panel 00, the East panel as E1 and West panel as W1. Stiffener chamfers of 38 mm (1.5 in)
and 25 mm (1.0 in) were incorporated at each flange to web intersection for links C345a and C345b respec-
tively. The stiffeners formed panels within the effective length as identified in Figure 2-1.

Tensile coupon tests were performed based on ASTM A370 Standard to obtain the actual yield strength fya
for plates used for the flange as well as the web in the effective length of the link. The tests were conducted
by Testing Engineers Inc. and stress-strain traces are included as part of the support documents in
Appendix B. The results of these tests along with the shear and moment capacities based on the those val-
ues are summarized in Table 2-2. Shear was expected to dominate the behavior as indicated by the shear
capacity ratios 2Mpa/(eVpa) for both links.

2.1.2 Shear Link Fabrication

Both types of shear links were fabricated by Christie Constructors Inc. in Richmond, CA. Because differ-
ent plate thicknesses and different grades of steel made up each shear link, the individual plates were
welded together. Complete joint penetration welds were used to form the flanges and webs separately. The
flanges and webs were then joined together using full penetration welds with an additional reinforcing fil-
let weld at the flange toe. All welds were specified to match the higher grade of steel, even where two
lower grade plates connected. The welding procedure is included as part of the support documents in
Appendix B. For quality assurance, the welds were inspected according to the Bridge Welding Code D1.5
(AWS 2004).

The stiffeners were connected to the flanges and web using fillet welds, the ends of which were ground to
smooth the transition onto the web. This weld finish detail shown in Figure 2-2 was implemented based on

Table 2-2: Capacity of Built-up Steel Shear Link from Conventional Grade Steel

Capacity Characteristic
Link Type

C345a C345b

fyaw, MPa (ksi) 372 (54.0) 372 (54.0)

fyaf, MPa (ksi) 390 (56.6) 390 (56.6)

Vpa, kN (kip) 1344 (302) 1344 (302)

Mpa, kNm (kip ft) 1404 (1036) 1164 (858)

2Mpa/(eVpa) 2.49 3.46
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the SFOBB design team recommendation, which was made to try to alleviate cracking at that location. The
link bolted connection zone was drilled on site to ensure proper fit into the test setup. The connection
regions consisted of 232 A490 - M16 (5/8 in) diameter bolts for Link C345a and 160 A490 - M16 (5/8 in)
diameter bolts for Link C345b.

2.1.3 Test Setup

The fabrication and erection details of the test setup are included in Appendix A. Two links of type C345a
were used in parallel in the transverse test setup and one link C345b was used in the longitudinal test setup
to reflect the unique configurations of the SFOBB tower assembly. The installed links are shown prior to
testing in Figure 2-3 and Figure 2-4. 

2.2 Load History and Instrumentation

Incremental cyclic deformation was applied to each shear link. The response was measured by electronic
instruments and the data was recorded and stored on personal computers in tab delimited text format at
1 Hz sampling frequency.

2.2.1 Applied Cyclic Deformation History

Each specimen was subjected to incrementally increasing cyclic deformations. The deformation history
was developed from the AISC Seismic Provisions (AISC 1997, Supplement 2) for links in eccentrically
braced frames. Based on a decision made by the SFOBB design team and in deviation from the Seismic
Provisions, a greater number of cycles were included prior to γeff = 0.0025 rad and cycles greater than
γeff = 0.03 rad were incrementally increased by 0.01 rad after just one cycle. The incremental amplitude

(a) Links C345 Prior to Installation                       (b) Fillet Weld Finish Detail

Figure 2-2: Fillet Weld Detail for Stiffener to Web Connection
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Figure 2-3: Photograph of Installed Dual Shear Links C345a

Figure 2-4: Photograph of Installed Shear Link C345b
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cyclic history is illustrated in Figure 2-5, with specific amplitude target shear deformations listed in
Table 2-3.

The actuator was controlled based on the link shear rotation angle γeff, calculated using displacement trans-
ducers installed across the effective length as described in Appendix A. By having the actuator controlled
by the link deformation and not by the actuator displacement, the load history was followed without devia-
tions resulting from the test setup flexibility or slippage in the link connections.

2.2.2 Instruments and Data Acquisition

A combination of displacement transducers and strain gauges were used to monitor the deformation of the
shear links. Two data acquisition systems were utilized; Lab View by National Instruments Inc. for the dis-
placement transducers and Megadac 3416 Series by Optim Inc. for the strain gauges. Locations and refer-
ence numbers of each instrument are shown in Figure 2-6 and Figure 2-7 for links C345a and C345b
respectively. Description of the different types of instruments is contained in Table 2-4.

Figure 2-5: Incremental Amplitude Cyclic Deformation History

Table 2-3: Incremental Cyclic Deformation Protocol

No. of
Cycles

Effective Length Shear 
Deformation, γeff (rad)

3 0.001

3 0.0015

3 0.002

3 0.0025

3 0.005
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Displacement transducers were installed diagonally across the effective length as well as across each panel
to monitor the average shear deformation at those locations. Link C345a was more extensively monitored
because of its longer length. Rosette gauges were used for the web such that the maximum shear strains
could be calculated. The locations of the rosettes were chosen to capture the shear strain along the link
length as well as the depth. The locations of flange strain gauges were concentrated at the ends of the link
due to the highest moment demands at those locations. 

In addition to electronic monitoring, the specimen was coated with whitewash, which was applied as a
mixture of water and lime. The brittle layer of whitewash, which flaked and pealed away from the steel
under large strains, provided for a visual indication of the relative level of surface strain in the specimen.

2.3 Experimental Results

Experiments on built-up shear links C345a and C345b were conducted on March 29th, 2002, and Novem-
ber 30th, 2001 respectively. The investigation concentrated on the behavior of the effective length of the
link. This section reviews the observed and recorded experimental results.

2.3.1 Visual Observations and General Comments

Visual observations during testing followed the same trends for both types of built-up shear links. The
whitewash flaked away from the web near the middle of the link first. As the deformation of the link
increased, the flaking progressed throughout the entire web area up to the end stiffeners next to the connec-
tion zone. Further observations using whitewash within the web area became less effective after deforma-
tions exceeding γeff = ±0.005 rad as most of the coating had flaked away. Localized whitewash flaking was
noticed in the link flanges at the ends of the effective length as shown in Figure 2-8. No web or flange
buckling was observed at any point during the experiment. 

Bolt slippage in the connection of the link was first recorded at the push cycle towards γeff = 0.04 rad for
Link C345a and at the push cycle towards γeff = 0.005 rad for Link C345b. The slippage became increas-
ingly frequent with larger deformation values and was signified by an abrupt reductions in resistance
accompanied by a loud impact noise. Figure 2-9 shows examples of the relative slip of the link flange with

3 0.01

2 0.02

2 0.03

1 0.04

1 continue increasing by 
0.01 rad increments

Table 2-3: Incremental Cyclic Deformation Protocol

No. of
Cycles

Effective Length Shear 
Deformation, γeff (rad)
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Figure 2-6: Instrumentation for Links C345a
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Figure 2-7: Instrumentation for Links C345b
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respect to the splice plates, which commonly exceeded 2 mm (1/16 in). At the end of the tests, loosened
bolts were noticed in the web angles to the tower shafts connections.

2.3.2 Failure Mode

The failure modes occurred within the deformable length in both types of shear links. Due to safety con-
cerns, observations were made between cycles when the actuator load was at approximately zero load.

2.3.2.1 Failure of Link C345a

The failure mode of Link C345a was ductile and characterized by web tearing. Cracks initially formed in
the middle web panel, next to the stiffener weld as shown in Figure 2-10. The first was recorded after
γeff = ±0.04 rad cycle and was located in the web metal, next to the toe of the fillet weld connecting the
stiffener to the web. The second formed after γeff = ±0.06 rad cycle in a location diagonally across from the
first. With increasing deformations, these cracks did not immediately propagate. At ultimate failure, the

Table 2-4: Instrumentation Description

Manufacturer Model No. Description

Novotechnic TR50 50 mm Stroke Displacement Transducers

TR100 100 mm Stroke Displacement Transducers

Tokyo Sokki 
Kenkyujo 

Co.

FLA-5 Elastic Strain Gauges

YFLA-5 Post-yield Strain Gauges

YEFRA-5 Post-yield Rosette Gauges

(a) Links C345a at γeff = 0.08 rad                            (b) Link C345b at γeff = 0.08 rad

Figure 2-8: Flange Localized Deformation at Ends of Effective Length
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cracks tore through the entire depth of the web along the stiffener-to-web welds as shown in Figure 2-11.
Following the crack propagation, one of the stiffeners fractured and the web crack continued parallel to the
flange next to the weld. After significant additional deformation, one of the flanges fractured at the end of
the effective length.

Cracking was also observed in the intermediate stiffeners near the flange fillet welds as shown in Figure 2-
12(a). These were caused by the repeated bending of the stiffener that was forced to remain perpendicular
to the flanges despite their relative deformations, forming a double curvature shape as shown in Figure 2-
12(c). The stiffeners at the ends of the effective length were not affected since they were located next to the
connection zone, which remained primarily elastic.  

2.3.2.2 Failure Link C345b

Ductile failure mode of Link C345b also initiated with the formation of cracks in the web. The first cracks
occurred during γeff = ±0.07 rad cycle and were located in the web steel, next to the end of the middle stiff-
ener weld as shown in Figure 2-13. After the completion of γeff = ±0.07 rad cycle, the two cracks grew
around the toe of the welds, but remained relatively unchanged until the excursion toward γeff = -0.11 rad.
The crack propagated along the flange as well as the web and led to the tensile fracture of the middle stiff-
ener shown in Figure 2-14. Similar to Link C345a, the middle stiffener showed signs of cracking prior to
failure as shown in Figure 2-12(b). 

2.3.3 Shear Deformation Capacity

The link shear deformation was calculated using diagonal measurements across the effective length as
described in Appendix A.

(a) Links C345a                                                       (b) Link C345b

Figure 2-9: Bolt Slippage Between Flange and Splice Plates
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2.3.3.1 Deformation of Link C345a

For testing of link C345a, two links were used in parallel within one test setup. This simulated the layout of
the SFOBB design. The specimens exhibited the same shear deformation as shown by the linear one-to-
one relationship in Figure 2-15. Hence, the links were assumed to have the same behavior and were
assumed to share the resistance equally up to failure. Representative cyclic behavior is presented for one of
these links in Figure 2-16. During the experiment, the actuator force capacity was reached in the pull direc-
tion after the completion of ±0.07 rad cycle. Since additional actuator force capacity remained in the push

Figure 2-10: Initial Crack Location in Link C345a

Figure 2-11: Ultimate Failure of Link C345a
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direction, the actuator underachieved the target in subsequent cycles in the pull direction only. This
resulted in a positive shear deformation bias in the applied load history.

The cyclic response was ductile and did not exhibit any pinching or degradation. The plastic shear rotation
was separated from the elastic using Equation 1-13 and the resulting response is shown in Figure 2-17. The
maximum recorded shear rotation, denoted by (γeff)max, as well as the maximum plastic shear rotation,
denoted by (γp)max, are summarized in Table 2-5. Given the high elastic stiffness of the shear link, the total
and plastic capacities were nearly the same. The plastic rotation capacity surpassed the AISC implied min-
imum of 0.08 rad for EBF shear links by 56%.

The measured shear link deformation was representative of the average deformation across the effective
length. The effective length of C345a consisted of three panels that were separated by stiffeners. The shear
rotation of an individual panel was found to be proportional to the overall average link rotation, but varied
along the length of the link. Figure 2-18 shows the relative panel rotation expressed by the ratio γpan/γeff,
where γpan is the panel rotation calculated by diagonal displacement transducers across the panels. Con-

Figure 2-12: Stiffener Cracking at Flange Fillet Welds
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firming visual observations, the center panel was found to have the greatest demand and exceeded the
average by 13%.   

2.3.3.2 Deformation of Link C345b

The cyclic behavior of Link C345b is shown in Figure 2-19. The behavior was ductile and did not exhibit
any pinching or degradation. The load history was followed until a gradual resistance decrease started to
occur while approaching γeff = -0.11 rad. Anticipating failure, the actuator displacement was not reversed
and the specimen was pushed to ultimate failure, which did not occur until γeff = -0.15 rad. 

Figure 2-13: Initial Crack Location in Link C345b

Figure 2-14: Ultimate Failure of Link C345b
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Figure 2-15: Deformation Comparison of Two Parallel Links C345a

Figure 2-16: Cyclic Behavior of Link C345a
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The plastic cyclic behavior is shown in Figure 2-20. The shear deformation maxima summarized in
Table 2-5 considered only values of completed reversals and discounted the last push to failure. The plastic

Figure 2-17: Cyclic Plastic Behavior of Link C345a

Figure 2-18: Panel Deformation Along the Length of Link C345a
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rotation capacity exceeded the AISC implied minima by 34%. Since the link contained only two panels,
the average distribution was not separated into the individual panel contributions as symmetry was
assumed. 

2.3.4 Link Resistance

The link shear resistance was calculated from the actuator load and geometry of the test setup as described
in Appendix A, resulting in the shear resistance values shown in Figure 2-16 and Figure 2-19 for Link
C345a and C345b respectively. For comparison with the calculated capacity, the link shear was normalized
to the plastic shear capacity as shown in Figure 2-17 and Figure 2-20. The onset of non-linear behavior
corresponded well with the plastic shear strengths in both cases.

The maximum recorded forces and the resulting overstrength ratios, calculated using Equation 1-14, are
summarized in Table 2-5 for both types of links. Overstrength values exceeded the maximum expected by
the AISC Seismic Provisions for shear links in EBFs, which is approximately 1.5. The recorded over-
strengths were in good agreement with the findings from tests on other built-up shear links discussed in
Section 1.4.

The design shear capacities of the two link types were the same, but the moment capacities and the effec-
tive lengths were not. The moment demand Mmax at the ends of the effective length was calculated based
on statics in Equation 1-1 and normalized to the moment capacity as shown on the secondary axis in
Figure 2-17 and Figure 2-20. The end moments were well below the plastic capacity, with the maxima
summarized in Table 2-5. Based on these values, it was assumed that the link deformations were domi-
nated by shear.

Figure 2-19: Cyclic Behavior of Link C345b
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Figure 2-20: Cyclic Plastic Behavior of Link C345b

Table 2-5: Shear Links C345a and C345b Performance Summary

Parameter
Link Type

C345a C345b

(γeff)max, rad 0.129 0.111

(γp)max, rad 0.125 0.107

Vmax, kN (kip) 2560 (575) 3025 (680)

Ω 1.9 2.2

Mmax, kNm (kip ft) 1075 (793) 756 (557)

Μmax/Μpa 0.77 0.65
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2.3.5 Strains in Shear Link

Strains were continuously recorded in the web as well as the flange for both shear links types. Data was
extracted from the recordings at each reversal of load, which allowed for analysis at different milestones
within the response. The following reversal points were chosen to demonstrate the strain distribution in the
built-up shear links:

• γeff = ±0.02 rad for moderate inelastic link deformations;
• γeff = ±0.08 rad to represent the AISC Seismic Provisions implied minimum shear link defor-

mation (note maximum negative rotation achieved for Link C345a was -0.07 rad);
• γeff = ±0.10 rad for the maximum strain gauge values.

2.3.5.1 Web Strains

The measurements taken from gauges in the webs of the effective length showed significant inelasticity.
More gauges were included in Link C345a to gain better understanding of the strain distribution because
the link had longer length and more web panels. Maximum shear strains were calculated from the three
strain components of each rosette. The recorded strains through the depth of the web of Link C345a are
shown in Figure 2-21 for the mid-length and in Figure 2-22 for end of the effective length. As expected,
web shear strain increased with increased link deformation. In general the strains were higher at mid-depth,
but the strain distribution did not significantly vary throughout the height. The top strain gauges at the end
of the effective length reached their limit after the link γeff exceeded 0.07 rad.

The shear strain distribution at mid-depth along the link length is shown in Figure 2-23 and near the bot-
tom flange is shown in Figure 2-24. The shear strains were not distributed uniformly throughout the link
effective length. At mid-depth, a clear difference can be seen among gauges at the center of the link panel
and those located near the stiffeners, especially at higher link rotations. The web shear strains were consis-
tently higher near the locations of stiffeners. The shear strains near the bottom flange were more uniform.
This is likely caused by the fact that the stiffeners are attached to the web at a higher point than where the
gauges were located, resulting in lesser influence on the web strains.   

2.3.5.2 Flange Strains

Confirming visual observations, large plastic strains were recorded in the flanges at the ends of the effec-
tive length as shown in Figure 2-25 and Figure 2-27 for Link C345a and C345b respectively. The strains
are shown for selected values of γeff at specific load reversal points and were shown to increase with
increasing link deformations. For the locations where the gauges were installed, the strains were found to
increase towards the mid-length. However these were only localized deformations at the ends of the link
effective length. The plastic strains extended into the link connection zone in both cases.  

Since the moment demand was found to be significantly less than the plastic capacity of the section, it is
inferred that the moment demand did not cause the large plastic strains at the ends of the effective length.
Furthermore, the high strains did not occur throughout the entire flange depth. As shown in Figure 2-26 for
Link C345a, the strains at the inside face of the flange were significantly less than those on the outside
face. The inside face strains were not recorded for link C345b because stiffeners and flange splice plates
prevented installation of gauges at the ends of the effective length. The flange strains were caused by the
imposed deformation that occurred in the transition from the elastic connection zone to the deformed effec-
tive length of the link and were therefore localized in the outside fibres of the section.
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Figure 2-21: Shear Strain in Web in Mid-Length of Link C345a

Figure 2-22: Shear Strain in Web at End of Effective Length for Link C345a
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Figure 2-23: Shear Strain in Web at Link Center of Link C345a

Figure 2-24: Shear Strain in Web near Bottom Flange of Link C345a
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Figure 2-25: Strains in Outside Face of Flange for Link C345a

Figure 2-26: Strains on Inside Face of Flange for Link C345a
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2.3.5.3 Intermediate Stiffener Strains

Large plastic strains were also recorded in the intermediate stiffeners of Link C345a near the fillet welds to
the flanges as shown in Figure 2-28. The stiffeners of Link C345b were not instrumented at those loca-
tions. The measurements confirmed the visual observations of deformation in the intermediate stiffeners
and the consequent cracks that developed next to the welds. Although only three gauges were used, the
stiffener deformed shape suggested that large strains were localized next to the proximity of the flange
connection.

2.3.6 Performance Comparison to Larger Scale Tests

Built-up shear links based on the SFOBB design were also tested at the University of California, San
Diego (UCSD) as discussed in Section 1.4.2. The specimens Type 1 and Type 3 corresponded to Links
C345a and C345b and were full-scale replicas of the bridge links. Based on the recommendations made by
the SFOBB design team in light of the UCSD tests, a number of modifications were made for shear links
C345a and C345b. The changes that were adopted were:

• Over-matching of weld strengths.
• Grinding smooth the ends of the stiffener to web fillet welds.
• Increasing the stiffener chamfer size.

Although all of these factors prevented conclusive comparisons to study scale effects, the tests did provide
an indication of the effectiveness of these changes. The overstrength values were comparable, but the plas-
tic deformation capacity was 108% and 62% larger for Link C345a and C345b when compared to Type 1

Figure 2-27: Strains in Outside Face of Flange Fibers for Link C345b
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and Type 3 in the UCSD tests. The influence of each change on the links deformation capacity improve-
ment are discussed below.

2.3.6.1 Overmatching of Welds

Unlike Links C345a and C345b, the welds in the UCSD tested shear links were welded using electrodes
matching the lower grade steel, i.e. matching grade 345 MPa (50 ksi). Failure in the welds was not
observed during any of the tests and hence does not account for the difference in the deformation perfor-
mance.

2.3.6.2 Stiffener Weld Grinding

The initial cracks in Type 1 and Type 3 links occurred at the weld toe near the end of the stiffener to flange
fillet weld, which was the same location as observed in Links C345a and C345b. It is therefore unlikely
that grinding the ends of the stiffener welds had any effect on the location of crack initiation. The initial
cracks did not form in the weld itself, but occurred in the web metal next to the stiffener welds in what is
referred to as the heat affected zone (HAZ).

HAZ is the portion of the weld metal which has not been melted, but whose mechanical properties or
microstructure have been altered by the heat generated from welding (AWS 2002). The extent of HAZ var-
ies and depends on number of parameters, such as weld size, preheat and metal characteristics, but is gen-
erally regarded to be up to approximately 3 mm (1/8 in) for low carbon weldable steels. Start and stop
locations of welds are especially vulnerable and the use of runoff tabs, which are often provided to reduce
these effects, are not possible for fillet welds of stiffeners to web in the built-up shear links.

Figure 2-28: Strains in Intermediate Stiffener of Link C345a
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2.3.6.3 Stiffener Chamfer Size

The most significant factor influencing the improved deformation capacity in Link C345a and C345b was
attributed to the larger stiffener chamfer size. The chamfer was increased from approximately 0.5tw in
Type 1 and Type 3 links to 2.7tw, and 1.8tw for Links C345a and C345b, where tw is the web thickness. The
initial crack formation was observed at approximately the same deformation levels in Link C345a and
C345b as in Links Type 1 and Type 3. The actual link deformation is difficult to ascertain from the UCSD
tests because the crack initiation was reported as a function of the actuator displacements without being
related back to the deformation of the link. Nonetheless, the actuator displacements corresponded to shear
deformations of approximately 0.04-0.06 rad. Despite the similarities in crack initiation, the cracks did not
immediately propagate in Links C345a and C345b until significantly later. These observations support the
results from finite element analyses, which indicate lower stresses and lower equivalent plastic strains for
larger stiffener chamfer sizes (McDaniel 2002).

2.4 Summary

Cyclic experiments were conducted on two types of built-up shear links designed and fabricated from con-
ventional A709 grade 345 MPa (50 ksi) steel. Cracking was consistently initiated in the web, next to the
ends of the stiffener to web fillet welds. The ultimate failure mode of both link types was ductile and char-
acterized by web tearing, which initiated with cracks at the ends of the stiffener to web fillet welds.

Both shear links exhibited ductile cyclic behavior without pinching or strength degradation of the hyster-
etic shear deformation curve. The maximum shear deformation of approximately 0.12 rad exceeded the
AISC Seismic Provisions implied minimum for EBF shear links of 0.08 rad illustrating the suitability of
utilizing built-up sections for hysteretic shear links. However, higher than expected overstrengths of
approximately 2.0 were recorded. Current AISC Seismic Provisions underestimate the required strength
for members outside the effective length, potentially resulting in deficient design.

The web shear strain distribution varied throughout the length of the shear link, with higher values
recorded near the stiffeners at mid-depth. Localized plastic strains were recorded in the flanges at the ends
of the effective length and extended into the connection zone. These strains were not caused by the
moment demand alone, but primarily by the local deformations imposed by the change in geometry from
the elastic connection zone to the plastically deformed effective length. Localized plastic strains were also
recorded in the intermediate stiffeners near the flange connection and led to development of cracks next to
the fillet welds.

The longer stiffener chamfer length likely contributed to the improved deformation capacity of Link C345a
and C345b over the shear links tested at UCSD. Overmatching of welds and grinding details at the end of
the stiffener welds had lower effect on the overall response based on the type of failure mode.
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SECTION 3
CYCLIC PERFORMANCE OF SHEAR LINK DESIGNED USING HIGH 

PERFORMANCE STEEL

3.1 Shear Link Properties and Test Setup

The AISC Seismic Provisions limit the nominal yield strength of the steel used for design to 345 MPa
(50 ksi) or less for shear links in eccentrically braced frames and any other earthquake load resisting com-
ponent designed for inelastic action. As explained in the commentary (AISC 2002), this limitation is
mainly in place because higher grades of steel typically have less inelastic strain capability and special pro-
cedures are required during welding. However, higher strength steels are often used to reduce the weight of
structures and specially bridges by decreasing the required sectional geometric properties. The incorpora-
tion of high strength structural grade steel to a built-up shear link was made by utilizing the recently devel-
oped high performance steel, which is gaining acceptance in steel bridges.

The objective of this research was to experimentally investigate the suitability of high performance steel
for built-up shear links, which are specifically intended to undergo large inelastic strains. Large-scale
cyclic testing was implemented to determine the deformation capacity, ultimate resistance and failure
mode of a built-up shear link that was designed using high performance steel.

3.1.1 Potential Suitability of High Performance Steel

High performance steel (HPS) was developed by the joint effort of the American Iron and Steel Institute,
the Office of Naval Research and the Federal Highway Administration (Wright 1997). This new grade of
steel is available in 485 MPa (70 ksi) and 690 MPa (100 ksi) nominal yield strengths, designated A709
HPS 485W (A709 HPS 70W) and A709 HPS 690W (A709 HPS 100W) respectively. It was developed to
combine high strength, improved toughness and improved welding characteristics (Barsom 1996). HPS
grades also have controlled rusting characteristics and have been used for a number of steel girder bridges
in the United States, mainly for resisting gravity loads (Yost & Funderburk 2001). Prior to this study HPS
was not implemented or tested in structural components that are expected to perform under repeated inelas-
tic deformations.

The observed failure mode of built-up shear links designed from conventional grade steel initiated with
cracking in the heat affected zone (HAZ) next to the stiffener welds. Because welding is necessary during
the fabrication, improved weldability was an important consideration for selecting this higher strength
material. HPS has less than 60% of the carbon and about 15% of the sulfur of conventional 485 MPa
(70 ksi) steels, resulting in a low carbon equivalent number. Low carbon equivalent numbers typically
result in improved resistance to cracking and hardening in the heat affected zone after welding (Wright
1997).

An additional appeal of adopting HPS grade in shear links was the high toughness characteristics of the
material, typically reported using Charpy V-notch values. Toughness values can reach 200 J (147 ft-lb),
compared with 30-70 J (22-37 ft-lb) for conventional grades (Yost & Funderburk 2002). Although not
directly linked to seismic performance, the higher toughness of HPS provides for higher impact energy
absorption capacity, which is desirable during the inelastic performance of a shear link.
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3.1.2 Shear Link Design

Despite the exclusion of high strength steels from the AISC Seismic Provisions (AISC 2002), the design
recommendations for EBF shear links in those provisions were used for designing a single built-up shear
link with A709 HPS 485W (A709 HPS 70W) steel. This link type is referred to in this report as
Link H485. The design approach was to obtain a shear link that had the same nominal capacity as one of
the conventional grade links, thereby allowing for a comparable performance evaluation. The plastic shear
strength as well as the plastic moment strength were designed to matched Link C345a, which was chosen
for its longer length and more accessible test setup installation.

The connection details of the test setup restricted the web height to 430 mm (16.9 in). The web thickness
was calculated based on Equation 1-2 and the nominal shear capacity of 1245 kN (280 kip). Numerous
flange dimension combinations are possible to achieve the required plastic moment capacity. To achieve a
unique solution, the flange compactness ratio was also chosen to match Link C345a. By simultaneously
solving Equation 1-3 with the flange compactness constraints, the flange thickness and width was deter-
mined. The dimensions, which were rounded to the nearest millimeter, for Link H485 are shown in
Figure 3-1 and the resulting nominal design properties are summarized in Table 3-1.

Full depth web stiffeners were provided at the ends of the effective length and intermediate stiffeners were
provided at spacing satisfying the AISC recommendations for EBF shear links. The stiffeners divided the
effective length into five equal panels, which are referred to starting from the middle panel 00 and counting
East for panels E1 and E2 and counting West for panels W1 and W2. Stiffener chamfers of 38 mm (1.5 in)

Figure 3-1: Built-up Shear Link H485 Details
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were incorporated at each flange to web intersections to match the chamfer size of Link C345a. The actual
yield strength was determined from a series of experiments conducted on coupons from the same heat as
that used for the link (Dusicka et al 2004). The yield values from the coupon tests and the shear and
moment capacities based on those values are summarized in Table 3-2.

3.1.3 Shear Link Fabrication

Due to the recent introduction and limited usage of HPS, plates are available from mills in the United
States per order basis and are not stock piled. Obtaining the small quantities required for fabrication of the
shear link specimen was made financially feasible through donation from Oregon Steel Mills. This dona-
tion was made by a single plate measuring 8636x2133x35 mm (340x84x1.378 in). The flange and web
plates were milled down to the required thicknesses prior to fabrication.

Table 3-1: Nominal Design Properties of Built-up Shear Link from HPS

Design Property Link Type
H485

e, mm (in) 840 (33.1)

Vp, kN (kip) 1250 (281)

Mp, kNm (kip ft) 1279 (943)

Stiffener Spacing, mm (in) 168 (6.6)

Web Compactness Ratio, hw/tw 43

Flange Compactness Ratio, bf/2tf 6.7

Table 3-2: Capacity of Built-up Steel Shear Link from HPS

Capacity Characteristic Link Type
H485

Web Yield Strength fyaw, MPa (ksi) 503 (73.0)

Flange Yield Strength fyaf, MPa (ksi) 503 (73.0)

Vpa, kN (kip) 1298 (291)

Mpa, kNm (kip ft) 1327 (979)

2Mpa/(eVpa) 2.43
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The built-up shear link was fabricated by McBride Machine Inc. in Sparks, NV. The flanges and webs were
made separately by welding different thickness plates together using full penetration welds. The web and
flanges were also welded together using full penetration welds, but the stiffeners were fillet welded. The
welding procedure is included as part of the support documents in Appendix B. For quality assurance, the
welds were inspected according to the Bridge Welding Code D1.5 (AWS 2004).

3.1.4 Test Setup

The test setup is described in detail in Appendix A. The transverse orientation of the shafts was used with
one Link H485 installed between the tower shafts. The link connection zones were drilled on site to ensure
proper fit into the connections of the test setup. The installed link is shown prior to testing in Figure 3-2.
Each connection region consisted of 232 - A490 M16 (5/8 in) diameter bolts connecting the flange splice
plates and web angles, which were re-used from previous experiments on Link C345a.

3.2 Load History and Instrumentation

Incremental cyclic deformation was applied to the shear link. The link response was measured by elec-
tronic instruments and the data recorded and stored on personal computers in tab delimited text format at
1 Hz sampling frequency.

3.2.1 Cyclic Load History

The imposed deformation history was the same as that used for the conventional steel links and is
described in Section 2.2.1. The actuator was controlled based on the link shear rotation angle γeff, calcu-
lated using displacement transducers installed across the effective length as described in Appendix A.

Figure 3-2: Photograph of Installed Link H485
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3.2.2 Instruments and Data Acquisition

The same data acquisition systems and instrument types were used as those described in Section 2.2.2.
Locations and reference numbers of each instrument are shown in Figure 3-3. Displacement transducers
were installed to measure the shear deformation across the effective length as well as each individual
panel.

The shear strain in the web was measured by rosette strain gauges, which were distributed primarily in the
middle panel 00 and the end panel E2. The rosettes were installed in the center of the panel as well as next
to the stiffeners in an effort to capture the influence of the stiffeners on plastic strain in the web. Additional
gauges were also installed in the middle panel 00 to provide intermediate data points between the center of
the link and the flanges. Flange strains were primarily measured at the ends of the effective length to cap-
ture any localized yielding that may occur. The specimen was also coated with whitewash to aid visual
observations.

3.3 Experimental Results

This section reviews the observations and test results from the experiment on built-up shear link H485,
conducted during February 19-20, 2004. Comparison to results from experiments on other types of built-up
shear links is discussed in Section 5.

3.3.1 Visual Observations and General Comments

Because mill scale was not present on the link surfaces, photographs did not capture well any of the white-
wash flaking. Nonetheless, whitewash flaking did occur to a greater extent in the web within the middle
panel and spread quickly with increasing deformation to the remainder of the web up to the end stiffeners.
Localized deformations were also observed in the flanges at the ends of the effective length. No web or
flange buckling was observed during the experiment.

The first bolt slip was recorded near the completion of the first cycle at γeff = 0.03 rad. The slippage
became more frequent after approximately 0.05 rad deformation and occurred primarily after the reversal
of load. Each bolt slip resulted in sudden but immediately recoverable decrease in resistance.

3.3.2 Failure Mode

The failure mode of Link H485 was ductile and characterized by web tearing. The first cracks occurred
during the cycle to ±0.07 rad and were located in the middle panel as shown in Figure 3-4. The cracks ini-
tiated in the heat affected zone at the ends of the stiffener to web fillet weld as shown in Figure 3-5(a). Dur-
ing the next few cycles, similar cracks were observed at the other internal stiffeners. The cracks slowly
propagated around the weld, forming a U-shape crack around the stiffener as shown in Figure 3-5(b) at
γeff = 0.11 rad. The shear link sustained significant deformation as shown in Figure 3-6 and despite the
development of the web cracks, the resistance did not degrade.

Ultimate failure occurred near the completion of γeff = 0.12 rad cycle. The resistance gradually decreased
while the crack in the middle panel tore through the depth of the web. The shear remained at approximately
75% of the maximum. The unexpected residual resistance was caused by the torn web panel bearing
against the flange. With additional imposed deformation, the flange deformed and pulled on the stiffener
that ultimately ruptured as shown in Figure 3-7. When the stiffener failed, the crack propagated in the web
next to the flange. The resistance dropped and the test was terminated.   
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3.3.3 Shear Deformation Capacity

The link shear deformation capacity was calculated using diagonal measurements across the effective
length as described in Appendix A. The cyclic behavior of Link H485 is shown in Figure 3-8. The hyster-
etic response was ductile and did not exhibit any pinching or strength degradation in the hysteretic loop.
After finishing the cycle to ±0.05 rad, one of the displacement transducers measuring the average defor-
mation across the effective length malfunctioned. One cycle was completed before the instrument was
replaced. This cycle reached deformations of 0.073 rad and -0.046 rad, instead of ±0.06 rad because the

Figure 3-3: Instrumentation of Link H485
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Figure 3-4: Initial Crack Locations in Link H485

(a) Initial Crack                                               (b) Crack Propagation

Figure 3-5: Close-up View of Crack Initiation and Propagation
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actuator command signal was affected by the instrument malfunction. After the replacement of the faulty
instrument, the remainder of the deformation history followed the target values.

The plastic shear deformation calculated using Equation 1-13 is shown in Figure 3-9. The total and the
plastic shear deformation are similar due to the high elastic stiffness that is characteristic to shear link

Figure 3-6: Deformed Link H485

Figure 3-7: Ultimate Failure of Link H485
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response. The maximum recorded deformations are summarized in Table 3-3. The plastic shear rotation
capacity surpassed the AISC implied minimum for EBF shear links of 0.08 rad by 47%. 

The shear deformation of each panel was found to be proportional to the average deformation of the effec-
tive length. As shown in Figure 3-10, the middle panel deformation demand was up to 20% higher than the
average, while the demand on the panels next to the connection zone was smaller by approximately the
same amount. The higher demand on the middle portion of the link is consistent with visual observations
using whitewash.   

3.3.4 Shear and Moment Resistance

The link shear resistance was calculated from the actuator load and the test setup geometry as described in
Appendix A. The shear resistance is shown in Figure 3-8 and was normalized to the shear capacity in
Figure 3-9. The shear maxima and the resulting overstrength are summarized in Table 3-3. The over-
strength was found to be within the expected values of the AISC provisions for EBF links.

The moment demand at the ends of the effective length was calculated using Equation 1-1. The normalized
moment, which is shown on the secondary axis in Figure 3-9, was well below the plastic moment capacity
of the section. It was therefore be assumed that the link deformation was dominated by shear.

3.3.5 Strains

Strains were continuously recorded in the web as well as the flange. Data was extracted from the record-
ings at each reversal of load, which allowed for data analysis at different milestones within the response.

Figure 3-8: Cyclic Behavior of Link H485
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Figure 3-9: Plastic Cyclic Behavior of Link H485

Figure 3-10: Panel Shear Deformation Along the Length of Link H485
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The following reversal points were chosen to illustrate the values of recorded strains in the built-up shear
link:

• γeff = ±0.02 rad for moderate inelastic link deformations;
• γeff = ±0.08 rad for the AISC Seismic Provisions implied minima of 0.08 rad; and
• γeff = ±0.10 rad to represent the maximum link deformation before the onset of significant

cracking in the web.

3.3.5.1 Web Strains

Significant plastic strains were endured by the high performance steel in the web of the shear link. Maxi-
mum shear strains were calculated from the three strain components of each rosette. The shear strain distri-
butions through the depth of the web are shown in Figure 3-11 for the middle of panel 00. The shear strains
were found to increase with increasing link deformation. In general, the strains decreased with distance
away from mid-depth, but again increased at close proximity to the flanges. Shear strains next to the
flanges showed significant changes within short distances as shown Figure 3-12, where the mid-depth
rosette did not function. Shear strains in the end panel W2 also indicated variation of shear strain through
the depth as shown in Figure 3-13 and Figure 3-14 for the middle of the panel and for the end of the effec-
tive length respectively.

The shear strain distribution at mid-depth and along the link length is shown in Figure 3-15. The shear
strains were not distributed uniformly throughout the link effective length. In general the lowest shear
strains occurred near the ends of the effective length. Small increase was apparent at the stiffener of panel
W2 and at mid-length.    

3.3.5.2 Flange Strains

Strains in the flanges were found to increase with increasing link deformation and reached large plastic
strains as shown in Figure 3-16. The large strains were localized to the ends of the effective length and rap-
idly decreased towards the mid-length. Strains were not recorded past the effective length due to the flange
thickness transition into the effective zone in that location. The measurements indicated that significant
demand was placed near the flange welds at the transition from the thinner flanges into the thicker plate
connection zone.

Table 3-3: Shear Link H485 Performance Summary

Link Type H485

γmax, rad 0.123

(γp)max, rad 0.118

Vmax, kN (kip) 1845 (415)

Ω 1.42

Mmax, kNm (kip ft) 775 (572)

Μmax/Μpa 0.58
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Figure 3-11: Shear Strain at Mid-length of Link H485

Figure 3-12: Shear Strain Next to Stiffener in Web Panel 00 of Link H485
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Figure 3-13: Shear Strain at Mid-length of Link H485

Figure 3-14: Shear Strain in Web at End of Effective Length of Link H485
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Since the moment demand was found to be significantly less than the plastic capacity, it was inferred that
the moment demand did not cause the plastic strains at the ends of the effective length. Further, the strain
demand at the inside of the flange was not nearly as severe as illustrated by the recorded strains in
Figure 3-16. Hence, the flange strains were caused by the imposed deformation that occurred in the transi-
tion from the elastic connection zone to the deformed effective length. 

3.3.5.3 Stiffener Strains

Strains recorded in the stiffeners of panel E2 are shown in Figure 3-18 and Figure 3-19 for the intermediate
and end stiffeners respectively. The intermediate stiffener strains were considerably larger near the connec-
tion to the flange at larger link deformations. These strains were caused by the imposed relative deforma-
tion between the flanges, forcing the stiffener to deform in double curvature. The end stiffener strains were
significantly smaller and remained elastic because the stiffener was adjacent to the connection zone. 

3.4 Summary

A large-scale cyclic experiment was conducted on a built-up shear link designed and fabricated using high
performance steel A709 HPS 485W (A709 HPS 70W). The shear link exhibited ductile hysteretic behavior
without degradation or pinching of the hysteretic loop. The maximum shear rotation of approximately
0.12 rad exceeded the AISC Seismic Provisions implied minimum for EBF shear links, illustrating the
suitability of using high performance steel in built-up shear links. The measured overstrength of 1.42 was
consistent with the expected overstrength for EBF shear links when using current Seismic Provisions rec-
ommendations.

Figure 3-15: Shear Strain in Web at Mid-depth of Link H485

Distance From Link Mid-Length (mm)

-500 -400 -300 -200 -100 0 100 200 300 400 500

M
ax

im
um

 S
he

ar
 S

tra
in

 (%
)

-20

-10

0

10

20

Distance From Link Mid-Length (in)

-15 -10 -5 0 5 10 15

C
on

ne
ct

io
n 

Zo
ne

C
on

ne
ct

io
n 

Zo
ne

γeff = -0.08 rad

γeff = -0.02 rad
γeff = 0.02 rad

γeff = 0.08 rad
γeff = 0.10 rad

γeff = -0.10 rad

St
iff

en
er

St
iff

en
er

S
tif

fe
ne

r

S
tif

fe
ne

r

58



Figure 3-16: Strains in Outside Face of Flange for Link H485

Figure 3-17: Strains in Inside Face of Flange for Link H485
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Figure 3-18: Strains in Intermediate Stiffener of Panel E2

Figure 3-19: Strains in End Stiffener of Panel E2
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Significant plastic strains were endured by the high performance steel in both the web and flange. The web
shear strains were found to vary along the depth as well as the length of the effective length. Localized
plastic strains were recorded in the flanges at the ends of the effective length. The flange plastic strains
were not caused by the moment demand, but by the local deformations imposed by the change in geometry
from the elastic connection zone to the plastically deformed effective length. Localized plastic strains were
also recorded in the intermediate stiffeners near the flange welds.

The middle panel shear deformation exceeded the average link shear deformation by up to 20%, leading to
the onset of cracking within that panel. The ductile failure mode was contained to within the effective
length and was characterized by web tearing. The initial cracks occurred in the web metal and within the
heat affected zone next to the ends of the stiffener to web welds. With additional cyclic deformations the
cracks tore through the depth of the web, resulting in a ductile ultimate failure.
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SECTION 4
CYCLIC PERFORMANCE OF SHEAR LINKS DESIGNED USING LOW 

YIELD POINT STEELS 

4.1 Evolution of Shear Link Design Philosophy

The results from experiments on built-up shear links described in previous sections show that built-up sec-
tions can exhibit ductile cyclic performance in line with the expectations of current design provisions,
which were intended for rolled shapes and for use in building eccentrically braced frames. Consistent
trends in the failure modes of the built-up shear links C345a, C345b and H485 were observed. Cracks first
developed in the web middle panel and near the ends of the stiffener to web fillet welds. These cracks
eventually tore through the web, following the heat-affected zone next to the stiffeners. In addition,
increased plastic strains were found to occur in these locations as will be shown through numerical analy-
ses later in Section 6. In order to improve performance and change this mode of failure, two options were
considered:

• not welding the stiffeners to the web; or
• removing the stiffeners.

Not welding the stiffeners to the web would rely on the tight fit in restraining the web from buckling. This
tight fit may be difficult to achieve without more stringent fabrication tolerances and close quality control.
A more significant concern lies in the functionality of such stiffeners. When the stiffener is welded to the
web, the out of plane web deformations are resisted by the combined section of the stiffener and partial
length of the web. By not having the long edge of the stiffener restrained by the web, the capacity of the
stiffener to resist the web out of plane buckling would be significantly reduced.

The latter option of removing the stiffeners was chosen for its simplicity. The intentional exclusion of web
stiffeners represents a radical departure from traditional shear link design methodology. Stiffeners are tra-
ditionally specified to enhance the performance of shear links by delaying web buckling of rolled wide
flange beams. Stiffener spacing in shear links depends on the extent of expected link shear deformation
(Kasai & Popov, 1986c) and is given by a relationship involving the web depth and thickness. However,
rolled wide flange beams have predetermined web compactness ratios, a limitation that does not exist in
built-up shapes. A link without stiffeners can also result in simpler fabrication and potential cost savings in
a labor-cost-driven construction industry.

4.1.1 Need for Low Yield Point Steels

Web buckling of shear links must be delayed until the desired performance levels are reached. Without
stiffeners, delaying web buckling can be achieved by decreasing the web compactness ratio. In instances
where higher stiffness is desired or where depth limitations occur, decreasing the web compactness ratio
can only be achieved by increasing the web thickness and thereby increasing the link shear strength. Yet,
shear links are intended to act as fuses in seismic design and often require limited yield strengths to satisfy
capacity design methodology and protect the integrity of the structure. Based on the relationship in
Equation 1-10, lower material yield strength can be used to offset the increase in web area.

The lowest grade of structural plate steel produced in the United States is ASTM A36, with nominal yield
strengths of 250 MPa (36 ksi). However, this grade should be specified with caution as mills often recycle
higher strength steels while making A36 grade and the actual yield strengths are typically significantly
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higher. Steel mills in Japan produce Low Yield Point (LYP) steels, which were specifically designed for
use in seismic applications where the plasticity of the materials would be utilized (Yamaguchi 1998).
These steels are used in the buckling restrained braces produced by Nippon Steel, which are also becoming
popular in concentrically braced structures in the United States (Sabelli & Aiken 2003).

Two grades are available, with 100 MPa (14.5 ksi) and 225 MPa (32.5 ksi) specified yield strengths. The
chemical composition of LYP steels is closer to pure iron, with little carbon additives for improved ductil-
ity. Both of the available grades were utilized to evaluate the performance of built-up shear links designed
without stiffeners.

4.1.2 Objectives

Large-scale experiments were used to investigate the performance of built-up shear links and utilizing low
yield point steels. Of specific interest were the deformation capacity and the effectiveness of excluding
stiffeners on the failure mode. Two different deformation histories were utilized. It was also important to
quantify the ultimate shear resistance and overstrength values.

4.1.3 Shear Link Designs

The design approach taken in developing the test specimens was to obtain shear links that had the same
nominal capacity as the previously tested links, thereby allowing for a comparable evaluation. As such, the
nominal plastic shear strength as well as the nominal plastic moment strength were designed to match the
properties of Link C345a. Three different types of links were developed: Link L100 from specified
100 MPa (14.5 ksi) LYP steel, Link L225 from specified 225 MPa (32.5 ksi) steel and Link X100 from a
combination of 100 MPa (32.5 ksi) LYP steel and high strength structural grade steel.

Each link consisted of an effective length in the middle and connection zones at the ends as shown in
Figure 4-1(a). The effective lengths were designed to plastically deform, while the connection zones were
used to bolt the links into the test setup and were intended to remain elastic. Mills in Japan do not produce
high performance steel and hence the high strength structural grade BT-HS440C steel was substituted for
use in the connection zones of the specimens. The nominal yield strength of this grade is 440 MPa (65 ksi),
which is comparable to the high strength structural steels in the United States. The effective lengths of
Links L100 and L225 were designed following the provisions for EBF shear links reviewed in Section
1.1.2. The connection details of the test setup restricted the web height to 430 mm (16.9 in). The web thick-
ness was determined based on Equation 1-2 and the respective material yield strengths to achieve the plas-
tic shear capacity. The flange dimensions were determined by simultaneously solving Equation 1-3 along
with the flange compactness constraint that also matched Link C345a. The resulting dimensions of the
links are shown in Figure 4-1(c) and the nominal design properties are summarized in Table 4-1.

No intermediate stiffeners were used in any of the links because the web compactness ratios were signifi-
cantly lower than the ratios on which the Seismic Provision recommendations were based. The simplified
Equation 1-5 and Equation 1-6 used to determine the stiffener spacing was conservatively developed on
the restricted geometries of rolled shapes and web compactness ranging from hw/tw = 40 to 57 (Kasai &
Popov 1986c). Figure 4-2 summarizes the web compactness of all available wide flange shapes obtained
from the Manual of Steel Construction (AISC 2001). For comparison, the web compactness ratios of all of
the built-up shear link specimens are also shown. The web of the links designed using the low yield point
steels did not exceed hw/tw = 20. If the AISC Seismic Provisions were to be applied to the links designed
using low yield point steels, the implied deformation capacity would be reduced based on a linear interpo-
lation between Equation 1-5 and Equation 1-6 and would result in an implied capacity of γp = 0.054 rad
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and 0.067 rad for the two links respectively. To investigate the applicability of the stiffener spacing recom-
mendations of the AISC Seismic Provisions, no intermediate stiffeners were used in the shear links made
from low yield point steels. Stiffeners at the ends of the effective length were also excluded because unlike
EBFs, the load path did not involve a bracing element.

The incentive for developing Link X100 was to further evolve the design of built-up shear links by taking
advantage of the different steel strengths and evaluate the performance of a hybrid section. The web was
designed using the lower yield strength steel to decrease the web compactness ratio and reduce nominal

Figure 4-1: Details of Shear Links without Stiffeners
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shear strength. The flanges were designed using the higher grade steel to provide sufficient moment capac-
ity while maintaining flange sizes that would be comparable with traditional beam section. The extremes
of the specified yield strength range were chosen by adopting LYP with 100 MPa (14.5 ksi) specified yield
strength for the web and BT-HS440C for the flanges. Initially the web of Link X100 was identical to the
web of L100 so that the nominal shear design capacities were the same. However, after observing the high
overstrength values and resulting connection failures in Link L100, which are discussed in detail in Section
4.3.2, the web thickness was machined down by 45% to 25 mm (1.0 in). It was reasoned that if similar
overstrengths occur, the ultimate shear resistance would be similar to previously tested links.

Figure 4-2: Web Compactness Comparison to Available Rolled Sections

Table 4-1: Nominal Design Properties of Built-up Shear Links Designed Without Stiffeners

Design Property
Link Type

L100 L225 X100

e, mm (in) 840 (33.1) 840 (33.1) 840 (33.1)

Vp, kN (kip) 1161 (261) 1277 (287) 645 (145)

Mp, kNm (kip ft) 1223 (902) 1296 (956) 1125 (830)

e/hw 1.95 1.95 1.95
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The actual yield strengths of the steels used for the webs of the link specimens were determined from a
series of experiments conducted on coupons machined from the same heat steel (Dusicka et al 2004). The
measured yield strengths of the plates and the shear and moment capacities based on those values are sum-
marized in Table 4-2. The yield strength of the plates used for the flanges was obtained from the mill certif-
icates. The measured yield strength was lower than specified for the steel in Link LYP 100 and resulted in
shear link capacities that were lower than the design nominal strengths.

4.1.4 Fabrication and Test Setup

The steel and the fabrication was provided by Nippon Steel, Japan. A photograph of the different types of
links prior to installation is shown in Figure 4-3. The links were delivered with two attachment points
welded onto the flanges of each link. These were not specified in the fabrication drawings and were ground
off prior to the experiments. The test setup described in Appendix A and corresponding to the transverse
orientation of the shafts was used, with one shear link installed for each test. The link connection zones
were drilled on site immediately prior to each installation to ensure proper fit into the connections of the
test setup. 

The wide flange dimensions of Links L100 and L225 required the use of customized splice plates to
accommodate the existing test setup. These splice plates fitted in the narrow opening in the shafts and wid-
ened to transfer the force from the connection to the full width of the shear link flanges. A photograph of
the splice plate connection is shown in Figure 4-4. Splice plates from experiments on Link C345a were

hw/tw 9.5 19.5 17.2

bf/2tf 6.8 6.6 6.4

Table 4-2: Capacity of Built-up Steel Shear Links Designed Without Stiffeners

Capacity Property
Link Type

L100 L225 X100

fyaw, MPa (ksi) 76.5 (11.1) 242 (35.1) 76.5 (11.1)

fyaf, MPa (ksi) 88 (12.7)*

* obtained from mill certificates

223 (32.3)* 501 (72.7)*

Vpa, kN (kip) 888 (200) 1374 (309) 493 (111)

Mpa, kNm (kip ft) 936 (690) 1394 (1028) 1238 (913)

2Mpa/(eVpa) 2.51 2.42 5.98

Table 4-1: Nominal Design Properties of Built-up Shear Links Designed Without Stiffeners

Design Property
Link Type

L100 L225 X100
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Figure 4-3: Photograph of Shear Links without Stiffeners

Figure 4-4: Splice Plate Connection for Links L100 and L225
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reused for Link X100, because the flange connection zone was designed to have the same dimensions to
accommodate the higher strength flanges used in the hybrid section. The link connection to the tower
shafts consisted of a minimum of 232 - A490 M16 (5/8 in) diameter bolts.

4.2 Deformation History and Instrumentation

Two different deformation histories were applied to the three types of built-up shear links, resulting in six
unique experiments. The link response was measured by electronic instruments and the data recorded on
personal computers in tab delimited format at 1 Hz sampling frequency.

4.2.1 Deformation Histories

The actuator was controlled based on the link shear rotation angle γeff, which was calculated using dis-
placement transducers installed across the effective length as described in Appendix A. Two displacement
histories were utilized; incremental cyclic and near-fault deformation history. The incremental cyclic
deformation history followed the sequence described in Section 2.2.1. This cyclic load history is suitable
for evaluating the performance of structural components provided that the expected ground motion does
not contain a large displacement pulse, such as those experienced from near-fault events. Response of
structures to near-fault ground motions is often characterized by one large excursion, followed by smaller
cycles with a mean deformation offset.

The development of a near fault loading history for built-up shear links was outside the scope of this
research, but a near-fault loading history had been developed as part of the SAC Joint Venture following
the Northridge earthquake to test seismic performance of moment frame components (Krawinkler et al
2000). The load history shown in Figure 4-5 was based on the storey drift angle θ, calculated as a build-
ing’s drift over height. However, the demand imposed onto the structural components depends on the over-
all configuration of the component within the entire structure. In the case of shear links, the lateral drift can
be related to the shear deformation of the effective length γeff simply by the geometry, as discussed in Sec-
tion 1.1.3 for eccentrically braced frames. For the results of the experiments on built-up shear links to
remain as general as possible, the near-fault loading history was reformulated for shear deformation of the
effective length as shown in Figure 4-5. The maximum shear rotation demand of 0.15 rad was chosen
based on the response and achieved deformation capacity observed in specimens subjected to the incre-
mental cyclic deformation history discussed in Section 4.3. This level of deformation was achieved in all
three types of links using the incremental cyclic deformation history.

The basis for the near-fault deformation history was developed while considering the response of special
moment resisting frame buildings to near-fault ground motions in the Los Angeles area. It is recognized
that building structural systems utilizing shear links typically result in stiffer response and lower natural
periods, which may bring into question the suitability of this load history for built-up shear links. However,
the large-capacity shear links considered for this study were intended for use in bridges. Bridges are
heavier structures that even when braced can have long natural periods of vibration that can exceed that of
the flexible building moment frames. As an extreme example, the first transverse natural period of vibra-
tion of the new San Francisco-Oakland Bay Bridge was 3.7 sec (McDaniel 2003). The use of the near-field
loading history developed for the moment frames was therefore reasonable in investigating the built-up
shear link response to near-fault seismic events.
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4.2.2 Instrumentation and Data Acquisition

The same data acquisition system and instrument types were used as those described in Section 2.2.2. The
gauge location and reference numbers of each specimen was identical among the six specimens. Typical
instrumentation layout is shown in Figure 4-6. The locations of the rosette gauges were chosen to capture
the shear strain distribution in the web. Seven rosettes were placed through the depth to record web shear
strains at mid-length as well as the end of the effective length. Since no stiffeners were used at the ends,
sufficient space was available to include shear strain measurements in the connection zone of the link.
Additional rosettes were included along the length at mid-depth. Flange strains were measured at the ends
of the effective length where localized deformations occurred in previous tests and where the weld transi-
tion to the connection zone was located.

4.3 Results from Incremental Cyclic Experiments

This section reviews the observations and results from experiments on three types of built-up shear links
designed without stiffeners and subjected to incremental cyclic deformation history. The link shear defor-
mation was calculated from displacement transducers and the shear resistance from the actuator load and
test setup geometry as described in Appendix A. Discussion and comparison of the cyclic response relative
to shear links designed with stiffeners is included in Section 5.

4.3.1 Visual Observations and General Comments

Paint was removed from the web of the effective length, but the connection zones were left painted. The
paint between the splice plates and web angles aided in gradual bolt slip of the connections during testing
and significantly reduced the sudden reductions in resistance that were common in previous experiments.
A square grid of approximately 50 mm (2 in) spacing was drawn on the web of the effective length to aid
visual observations throughout the response.

Figure 4-5: Near-Fault Deformation History Set
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The links generated noticeable heat during testing, especially after large deformation cycles. A thermo-
couple was used to measure the temperature at the center of Link L100 web after the completion of defor-
mation cycles throughout the history. The temperature of other links was not measured. The recordings of
∆T, the temperature change from ambient of 30°C (85 °F) to that of the link, are summarized in Table 4-3.

Figure 4-6: Typical Instrumentation of Link without Stiffeners
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The elevated temperatures from these cyclic deformations illustrate the potential for developing significant
heat during dynamic tests. The heat in the links does not only depend on the rate of loading, but also on the
heat dissipation characteristics of the link and the surrounding structure. The temperature was found to
decrease at the ends of the link and near the flanges. For example, at γeff = 0.10 rad, the web temperature
was 3°C lower at the flanges at mid-length and 5°C lower at the connection zones.

4.3.2 Cyclic Response of Link L100

The experiment on Link L100 using the incremental cyclic deformation history was conducted on July
21st, 2003.

4.3.2.1 Failure Mode

The first crack occurred in the web at the corners of the effective length at γeff = 0.10 rad as shown in
Figure 4-7, but did not propagate with increasing deformations. No buckling or out of plane distortion of
the web or the flange were observed. Localized cracking was observed at the inside face of the flange, next
to the weld between the web and the flange as shown in Figure 4-8 at γeff = 0.15 rad. The cracking
appeared to tear the low yield point steel at the base of the weld. The overall behavior of the effective
length did not exhibit any indication of failure, but the connection regions gradually showed increasing
signs of distress.

At γeff = 0.11 rad, a bolt in the web angle to tower shaft connection fractured. Two additional bolts frac-
tured at similar locations during γeff = 0.15 rad cycle as shown in Figure 4-9. Before any failure occurred
in the effective length, the connection fractured by shearing through the web bolt holes as shown in
Figure 4-10. Numerous bolts were permanently deformed and flange splice plates were bent in the process.   

4.3.2.2 Shear Deformation Capacity

The ultimate deformation capacity of Link L100 was not achieved due to the premature connection frac-
ture. Nonetheless, the cyclic response shown in Figure 4-11 was ductile and did not exhibit any pinching or
degradation of the hysteretic loop. The plastic shear deformation was calculated using Equation 1-13 and is
shown in Figure 4-12. The maximum deformation values achieved prior to the connection failure are sum-

Table 4-3: Nominal Design Properties of Built-up Shear Links without Stiffeners

γeff, rad ∆T, °C (F) γeff, rad ∆T, °C (F)

0.01 1.0 (1.8) 0.10 16 (29)

0.03 2.0 (3.6) 0.11 17 (31)

0.05 6.6 (12) 0.12 23 (41)

0.06 7.4 (13) 0.13 24 (43)

0.07 9.2 (17) 0.14 26 (47)

0.08 12 (22) 0.15 27 (49)

0.09 16 (29) 0.16 27 (49)
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Figure 4-7: Location of Initial Cracks in Link L100

Figure 4-8: Flange Tearing Next to Web Weld in Link L100
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Figure 4-9: Bolt Fracture in Connection Zone of Link L100

(a) Connection Zone                           (b) Connection Zone After Angle Removal

Figure 4-10: Fracture of Connection in Link L100
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marized in Table 4-4. The lack of significant cracking or other distress within the effective length indicated
that additional deformation capacity was still possible for this type of built-up shear link. 

4.3.2.3 Shear and Moment Resistance

The shear resistance is shown in Figure 4-11 and was normalized to the shear capacity Vpa in Figure 4-12.
The resulting overstrength summarized in Table 4-4 was found to be significantly higher than any expected
or previously reported results. The fracture of the connection zone was a direct result of the forces gener-
ated within the effective length. The connection design strength was 2.7 times the nominal capacity of the
link. The connection failure illustrated the importance of quantifying the maximum forces generated by the
shear link for design. The moment demand at the ends of the effective length was calculated using
Equation 1-1 and is shown on the secondary axis in Figure 4-12. Due to the high overstrength, the moment
demand also exceeded the plastic moment design strength by 95%.

4.3.3 Cyclic Response of Link L225

The experiment on Link L225 using the incremental cyclic deformation history was conducted on July 9th,
2003.

4.3.3.1 Failure Mode

The ultimate failure mode of Link L225 was ductile and characterized by web tearing. Cracks initially
appeared in the corners of the web within the effective length at γeff = 0.09 rad as shown in Figure 4-13.

Figure 4-11: Cyclic Behavior of Link L100
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Once formed, these cracks did not propagate with increasing deformations and remained approximately
10 mm (0.4 in) long. Out of plane web bending was first observed at γeff = 0.09 rad, and was only detect-
able when a straight edge was placed against the web. The bending became more pronounced with increas-
ing link shear deformations, but did not immediately degrade the shear link resistance. At large link shear
deformations, the distorted web formed a strut between the diagonal corners of the effective length as
shown in Figure 4-14.  

At γeff = -0.18 rad, the corner cracks started to grow along the flange weld with increasing link deforma-
tions. The ultimate failure was ductile and occurred after the reversal at γeff = 0.20 rad. The web tearing did
not extend outside the effective length and mainly travelled parallel to the full joint penetration welds
along the flange and the connection zone as shown in Figure 4-15.

4.3.3.2 Shear Deformation Capacity

The cyclic response was ductile and did not exhibit any pinching or degradation of the hysteretic loop until
the last cycle as shown in Figure 4-16. A combination of the web out of plane distortion and crack growth
contributed to the resistance decrease. The plastic shear deformation was calculated using Equation 1-13
and is shown in Figure 4-17. The shear link deformations were dominated by plastic behavior. The ulti-
mate deformation capacities were obtained from the last completed reversal and are summarized in
Table 4-4. The deformation capacity exceeded the AISC implied minimum of γp = 0.08 rad by 246%.

Figure 4-12: Normalized Cyclic Plastic Behavior of Link L100
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Figure 4-13: Location of Initial Cracks in Link L225

Figure 4-14: Web Out of Plane Web Deformation of Link L225
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4.3.3.3 Shear and Moment Resistance

The shear resistance is shown in Figure 4-16 and was normalized to the shear capacity in Figure 4-17. The
resulting overstrength summarized in Table 4-4 exceeded the expected values of the AISC provisions for
EBF links by 24%. The moment demand at the ends of the effective length was calculated using
Equation 1-1 and is shown on the secondary axis in Figure 4-17. The demand was well below the plastic
moment capacity. 

4.3.4 Cyclic Response of Link X100

The experiment on Link X100 using the incremental cyclic deformation history was conducted on Septem-
ber 3rd, 2003.

4.3.4.1 Failure Mode

The ultimate failure mode of Link X100 was ductile and was characterized by out of plane web bending
and web tearing. The first crack first developed in one of the corners of the web within the effective length
at γeff = 0.05 rad as shown in Figure 4-18. The crack remained approximately 6 mm (0.25 in) in length and
did not propagate with increasing deformations until the cycle γeff = 0.17 rad was completed. At that time
the crack grew to form a corner crack measuring 6 mm (0.25 in) by 8 mm (0.30 in). Similar web cracking
occurred diagonally across on the other side of the effective length at γeff = 0.19 rad. Cracking was also
observed at the ends of the effective length.  

In addition to the web and flange cracks, out of plane web deformations was detected using a straight edge
after the completion of cycle γeff = ±0.11 rad. These deformations became more pronounced with increas-

Figure 4-15: Ultimate Failure of Link L225
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Figure 4-16: Cyclic Behavior of Link L225

Figure 4-17: Normalized Cyclic Plastic Behavior of Link L225
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Figure 4-18: Location of Initial Crack in Link X100

Figure 4-19: Web Out of Plane Web Deformation in Link X100
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ing link shear deformation, with an example shown in Figure 4-19. The ultimate failure shown in Figure 4-
20 resulted from web tearing at the flange welds, which was partially caused by the bending induced by the
distorted web.

4.3.4.2 Shear Deformation Capacity

The cyclic response shown in Figure 4-21 was ductile and did not exhibit any pinching or degradation of
the hysteretic loop until γeff = 0.17 rad. Distortion of the web caused progressive degradation in resistance
at subsequent reversals. The resistance remained above 80% of the maximum recorded force until
γeff = ±0.23 rad cycle, when the ultimate failure was reached. The maximum deformation capacities were
obtained from the last completed reversal and are summarized in Table 4-4. The plastic shear deformation
was calculated using Equation 1-13 and is shown in Figure 4-22.  

4.3.4.3 Shear and Moment Resistance

The shear resistance is shown in Figure 4-21 is normalized to the shear capacity in Figure 4-22. The result-
ing overstrength summarized in Table 4-4 was similar to that observed in Link L100. The moment demand
at the ends of the effective length was calculated using Equation 1-1 and is shown on the secondary axis in
Figure 4-17. Despite the high overstrength, the demand did not exceed the plastic moment capacity
because of the high link capacity ratio resulting from thinning the link web to decrease the shear capacity.

Figure 4-20: Ultimate Failure of Link X100
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Figure 4-21: Cyclic Behavior of Link X100

Figure 4-22: Normalized Cyclic Plastic Behavior of Link X100
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4.3.5 Flange Cracking

The overall cyclic behavior of all three types of shear links showed ductile hysteretic behavior, but signifi-
cant cracking in the flange was observed. Flange fracture can result in immediate drop in resistance and
undesirable brittle ultimate failure mode. The flange cracks occurred in two locations; at the connection
zone complete joint penetration weld and near the ends of the effective length.

The flange cracks at the connection zone welds did not occur in the complete joint penetration weld itself,
but within the heat affected zone next to weld as shown in Figure 4-23 and Figure 4-24 for Link L100 and
Link X100 respectively. The link flange plate extended past the end of the effective length into the connec-
tion zone where it was welded to the connection zone flange. The cracking in Link L100 may have been
understandable since the moment demand was nearly twice the magnitude of the plastic moment capacity
of the section. However, that was not the case for the other shear link types where similar cracking was
also observed in. The cause of the cracks was the localized flange deformation caused by transition from
elastic connection zone to the large deformations of the inelastically deforming effective length.

Measured flange strains at the ends of the effective length are shown Figure 4-26 through to Figure 4-28
for the three types of links. The strain measurements were only effective up to approximately
γeff = 0.10 rad due to limitations of the strain gauges. In all cases, the strains rapidly increased towards the
end of the connection zone. Although the measured values do not extend up to the flange welds where the
cracks occurred, they do illustrate a trend that indicates large plastic demands near the location of the
welds.  

The cracks near the ends of the effective length shown in Figure 4-24 and Figure 4-25 occurred in only one
side of the links. Upon closer inspection, it was discovered that the location of the cracks corresponded to
the location of the temporary attachments that were ground prior to testing. The temporary hooks were
welded to the flanges, thereby changing the properties at the extreme fibres of the flange. The increased
strain demand at the outside fibres at the ends of the effective length coincided with the welds and resulted
in the observed flange cracking. To reduce flange cracking, the flange transition weld from the effective
length to the connection zone should therefore be located as far away from the ends of the effective zone as
possible and no welding should be permitted for the outside faces of the flanges at the ends of the effective
length.

Table 4-4:  Cyclic Performance Summary of Shear Links without Stiffeners

Characteristic
Link Type

L100 L225 X100

γmax, rad 0.171* 0.200 0.232

(γp)max, rad 0.166* 0.197 0.228

Vmax, kN (kip) 4348 (978) 2562 (576) 2408 (541)

Ω 4.90 1.86 4.88

Mmax, kNm (kip ft) 1826 (1348) 1076 (794) 1011 (746)

Μmax/Μpa 1.95 0.77 0.82

* capacity not reached due to premature fracture of the connection
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Figure 4-23: Flange Crack Next At Connection Zone Weld in Link L100

Figure 4-24: Flange Cracks in Link X100
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4.3.6 Web Shear Strains

Strain gauges were effective for link shear deformations below approximately 0.10 rad. At larger deforma-
tions the strain gauge measurements became unreliable as the limits of the gauges was reached. Strain val-
ues were extracted at link deformations corresponding to γeff = ±0.02 rad, ±0.05 rad and ±0.10 rad to
provide measurements from a range of link deformations.

Maximum shear strains were calculated from the three strain components of each rosette. Typical distribu-
tions of shear strain through the depth of the web are shown in Figure 4-29 and Figure 4-30 for mid-length
and end of effective length respectively. The strain distribution remained relatively constant, even at the
ends of the effective length. The shear strain distribution at mid-depth along the length of the link is shown
in Figure 4-31. The distribution of strains is uniform along the length and indicates a reduction in demand
towards the ends of the effective length. Rapid transition is evident between the shear strains at the ends of
the effective length and the connection zone.     

4.3.7 Web Length Without Stiffeners

The web compactness ratios of built-up shear links, especially for those utilizing low yield point steels
within the web, can be significantly lower than the ratios previously considered. The equations in the AISC
Seismic Provisions that govern the minimum spacing of stiffeners appear overly conservative for built-up
shear links with low values of web compactness. As previously discussed in Section 4.1.3, the implied
maximum deformation for built up shear links L225 and X100 based on Equation 1-5 and Equation 1-6
was lower than the 0.08 rad limit. Yet, both links significantly exceeded that limit before any out of plane
web deformations were observed.

Figure 4-25: Flange Crack at Location of Attachment Hook in Link L225
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Figure 4-26: Flange Strains at Ends of Effective Length for Link L100

Figure 4-27: Flange Strains at Ends of Effective Length for Link L225
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Figure 4-28: Flange Strains at Ends of Effective Length for Link X100

Figure 4-29: Typical Web Shear Strain at Mid-Length (Link L100 Shown)
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Figure 4-30: Typical Web Shear Strain at End of Effective Length (Link L100 Shown)

Figure 4-31: Typical Web Shear Strain Along Link at Mid-Depth (Link L100 Shown)
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The potential benefits of excluding stiffeners and changing the mode of failure away from the middle of
the effective length could only be achieved if out of plane web deformations are delayed until the target
deformation levels are reached. Due to the limited number of experimental results, the effective lengths of
built-up shear links without stiffeners should be limited to the ratios used in the experiment. As such, the
aspect ratio should not exceed e/hw ≤ 2 and at the same time the web compactness ratios should not exceed
hw/tw≤20.

4.4 Results from Near-Fault Deformation History Experiments

This section reviews the observations and test results from experiments on three types of built-up shear
links designed without stiffeners and subjected to the near-fault deformation history. The link shear defor-
mation was calculated from displacement transducers and the shear resistance from the actuator load and
test setup geometry as described in Appendix A.

4.4.1 Response of Link L100

The experiment on Link L100 using the near-fault deformation history was conducted on September 3rd,
2003.

4.4.1.1 Shear Deformation Capacity

Two sets of the near-fault deformation history were applied without any visible signs of the onset of failure
and without any degradation in response. There were no cracks in the web or the flanges and no out of
plane distortion of the web or the flanges. The only observed distress was a crack at the inside of the
flange, next to the web weld. This localized deformation was similar to that observed under cyclic loading
and shown in Figure 4-8.

4.4.1.2 Shear Resistance

The shear deformation response from the first set of applied near-field load history is shown in Figure 4-
32. The response was ductile and did not exhibit any pinching or degradation. The link response was
inelastic at each reversal point, and the resistance increased with increasing deformations. Some of the
reversals points are shown to illustrate the gradual increase in resistance. 

At the first reversal the link shear was -2172 kN (488 kip) while at the second and third, the shear increased
to 3382 kN (760 kip) and -3511 kN (789 kip) respectively. Subsequent reversals continued to increase the
resistance with each reversal, but to a much smaller extent. The next significant increase occurred at the
17th and 18th reversals, which defined the maximum shear values for that set. The maximum shear and the
resulting overstrength values are summarized in Table 4-5. Despite the deformation offset, the positive and
negative shear values were nearly identical. The response from the second set of the near-fault deformation
history is shown in Figure 4-33. The shear had only marginally increased. The maximum shear and over-
strength values summarized in Table 4-5 were less than 5% higher than those recorded in the first set, but
were 13% smaller than the ultimate values obtained from experiments using the incremental cyclic history.

4.4.2 Response of Link L225

The experiment on Link L225 using the near-fault deformation history was conducted on August 19th,
2003.
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Figure 4-32: Response of Link L100 to Near-Fault History Set 1

Figure 4-33: Response of Link L100 to Near-Fault History Set 2
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4.4.2.1 Shear Deformation Capacity

Two sets of the near-fault deformation history were applied without any visible signs of the onset of failure
and without any degradation in response. There were no cracks in the web or the flanges and no out of
plane web distortion occurred. The link appeared the same after the two sets as it did before the experiment
began.

4.4.2.2 Shear Resistance

The response was ductile and did not exhibit any pinching or degradation. The shear deformation response
from the first set of applied near-field load history is shown in Figure 4-34. Connection bolt slip introduced
periodic abrupt reductions in resistance which were immediately recoverable. The bolt slip was not as
gradual in these tests as in the cyclic tests because the paint was removed from the connection zone while
grinding the connection ends to fit into the test setup. The link response was inelastic at each deformation
reversal and the resistance gradually increased with increasing deformations.

At the first reversal the link shear was -1530 kN (344 kip) while at the second and third, the shear increased
to 2088 kN (469 kip) and -2146 kN (482 kip) respectively. The resistance remained within the envelope of
the second and third reversal values until the 17th and 18th reversals further increased the shear to the max-
imum for that set. Despite the deformation offset, the positive and negative resistance values were nearly
identical. The maximum shear and the resulting overstrength values are summarized in Table 4-5. The
response from the second set of the near-fault deformation history is shown in Figure 4-35. The maximum
shear was nearly identical to the first set as summarized in Table 4-5. Overall, the overstrength was 9%
lower than the value achieved in experiments using the incremental cyclic deformation history. 

Figure 4-34: Response of Link L225 to Near-Fault History Set 1
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4.4.3 Response of Link X100

The experiment on Link X100 using the near-fault deformation history was conducted on September 24th,
2003.

4.4.3.1 Shear Deformation Capacity

Two sets of the near-fault deformation history were applied without any visible signs of the onset of failure
and without any degradation in response. During the second set, 3 mm (0.1 in) crack formed in the web to
flange weld after the 5th reversal as shown in Figure 4-36. Hairline cracks appeared in the outside flange
next to the connection zone weld after the 16th reversal. The flange cracks were in the same location as
those observed in the cyclic experiments, but did not grow for the remainder of the deformation history.
Out of plane web distortion was detected near the end of the second set as shown in Figure 4-37.  

4.4.3.2 Shear Resistance

The shear deformation response was ductile and did not exhibit any pinching or degradation. The response
from the first set of applied near-field load history is shown in Figure 4-38. Connection bolt slip caused
periodic sudden decrease in load. The link response was inelastic at each reversal point, but the resistance
gradually increased with increasing deformations. The trend in the gradual increase in shear resistance was
similar to Link L100. 

At the first reversal the link shear was -1182 kN (266 kip) while at the second and third, the shear increased
to 1833 kN (412 kip) and -1881 kN (423 kip) respectively. The next substantial increase occurred at the

Figure 4-35: Response of Link L225 to Near-Fault History Set 2
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Figure 4-36: Weld Crack in Link X100

Figure 4-37: Web Distortion in Link X100 at End of Second Set
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Figure 4-38: Response of Link X100 to Near-Fault History Set 1

Figure 4-39: Response of Link X100 to Near-Fault History Set 2
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17th and 18th reversals, which defined the maxima for that set. Despite the deformation offset, the positive
and negative resistance values were nearly identical. The maximum shear and the resulting overstrength
values are summarized in Table 4-5. The second set of applied near-fault load history is show in Figure 4-
39. The shear resistance had mainly stabilized, and the maximum shear and overstrength values summa-
rized in Table 4-5 only marginally increased from the first set. The overstrength values developed in the
link were high, but still 12% smaller than values obtained from experiments using incremental cyclic
deformation history.

4.4.4 Response to Additional Cyclic Deformations

The ultimate capacity of the shear links was not reached after the completion of two sets of near-fault
deformation histories. No degradation of the response was observed. Two options were considered for
attaining the ultimate failure in the links; continue to apply the near-fault deformation history or apply
incremental cyclic deformations until failure.

Applying the incremental cyclic deformation was chosen in order to obtain better understanding of the ulti-
mate deformation capacity and failure mode. The first cycle was chosen to exceed the deformations
achieved under the near-fault history. In order to be consistent with the previously tested links, the cyclic
history was applied without mean deformation offset, i.e. the positive and negative deformations were of
the same amplitude, and the shear deformations of each cycle were increased by 0.01 rad after each cycle.
These cyclic deformations were not applied to Link L100 because it was expected that the connection
would fail before the effective length would reach ultimate capacity.

The results for the additional cyclic deformations of Link L225 and Link X100 are shown in Figure 4-40
and Figure 4-41 respectively. In both cases, significant additional cyclic deformations were achieved. The
failure mode for Link L225 was similar to that observed in the incremental cyclic deformation experi-
ments. Out of plane web distortion became more pronounced with increased deformations, cracks formed
in the corners of the effective length and outside surfaces of the flanges. The ultimate failure was charac-
terized by web tearing in the corners and is shown in Figure 4-42.   

Table 4-5: Performance Summary of Shear Links without Stiffeners under Near-fault History

Deformation 
History Characteristic

Link Type

L100 L225 X100

Near-fault 
Set 1

Vmax, kN (kip) 3785 (851) 2330 (524) 2072 (466)

Ω 4.24 1.70 4.20

Near-fault 
Set 2

Vmax, kN (kip) 3943 (886) 2335 (525) 2110 (474)

Ω 4.44 1.70 4.28

Additional
Cyclic

γmax, rad - 0.201 0.221

Vmax, kN (kip) - 2590 (582) 2400 (540)

Ω - 1.88 4.87
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Figure 4-40: Additional Cyclic Deformations for Link L225

Figure 4-41: Additional Cyclic Deformations for Link X100
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The failure mode for Link X100 initially followed the same pattern as that observed in the incremental
cyclic deformation tests, but out of plane web distortions were not as pronounced and did not degrade the

Figure 4-42: Ultimate Failure of Link L225 After Additional Cyclic Deformations

Figure 4-43: Ultimate Failure of Link X100 After Additional Cyclic Deformations
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response. The flange cracks that developed next to the connection welds became increasingly larger and
caused the ultimate failure as shown in Figure 4-43. The flange fracture caused the resistance to decrease
rapidly. The ultimate deformation and shear strength characteristics for both links are summarized in
Table 4-5. The ultimate deformation capacities as well as the overstrength values were nearly identical to
the results obtained from the incremental cyclic tests.

4.5 Summary

The design freedom associated with built-up shear links was used to advantage by eliminating intermediate
web stiffeners in order to change the failure mode from that observed in previously tested links. To limit
web buckling, the web compactness was reduced while maintaining limits on the nominal design shear
strength by utilizing low yield strength steels. Three types of shear links without stiffeners were designed
using low yield point steels produced in Japan. Their performance was investigated using two deformation
histories; incremental cyclic and near-fault.

The cyclic response of all three types of links resulted in ductile hysteretic response. The ductile failure
mode was characterized by web tearing at the corners of the effective zone. However, overstrength values
as high as 4.9 were observed in links designed using low yield point steel of 100 MPa (14.5 ksi) specified
yield strength. The resulting shear resistance in Link L100 caused connection fracture prior to achieving
the deformation capacity of the link itself, thereby illustrating the importance of quantifying the maximum
forces generated by the link for capacity seismic design.

The behavior under near-fault deformation history also showed ductile hysteretic response of the built-up
links. In all cases, two complete sets of the near-fault load history were applied without reaching ultimate
failure. Other than the initial increase in resistance after the first three reversals, the shear deformation
response was nearly duplicated under the second near-fault history set. The overstrength was approxi-
mately 10% lower than the values obtained from the incremental deformation history. Additional cycles of
increasing amplitude were used to achieve ultimate failure, which mainly followed the modes observed
under incremental cyclic loading.

Of concern was the observed cracking of the flange at the connection welds, which in one case resulted in
complete fracture of the flange. These flange cracks were caused by large strains at the ends of the effec-
tive length and should be avoided by locating flange welds as far away as possible from the ends of the
effective length.
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SECTION 5
BUILT-UP SHEAR LINK CYCLIC PERFORMANCE COMPARISONS

5.1 Overview

An experimental program was conducted on large-scale built-up shear links that utilized steels of a broad
range of nominal yield strengths. The individual performance characteristics of the different shear link
types was discussed in previous sections. The objectives of this section are to compare the cyclic behavior
of the different types of shear links and evaluate the influence of different parameters on their perfor-
mance. Discussions are related to the cyclic behavior, overstrength, deformation capacity and failure
mode. Based on the experimental results, design implications for built-up shear links are also reviewed.

5.1.1 Experimental Program

The first built-up shear link specimens utilized conventional plate steels and were designed based on the
AISC Seismic Provisions, which are intended for eccentrically braced frame shear links made from rolled
shapes. The design further evolved by taking advantage of the design freedom associated with the use of
built-up shapes to incorporate high performance steel. Finally, shear links without stiffeners were devel-
oped by utilizing low yield point steels to decrease the web compactness ratio without increasing the nom-
inal shear capacity. This approach was a departure from not only the design provisions, but the general
philosophy traditionally applied to shear link design.

The grades of steel covered a wide spectrum of nominal yield strengths. In total, six different shear link
designs were investigated by imposing cyclic inelastic deformations following two deformation histories.
All shear link types were subjected to incrementally increasing cyclic (IC) deformation history up to fail-
ure. Three specimens corresponding to the shear link types designed without stiffeners were subjected to
near-fault (NF) deformation history. These nine unique experiments are summarized in Table 5-1 along
with the some of the key shear link characteristics.

Despite the differences in specified yield strengths of the steels, a number of common characteristics were
incorporated into the design of the different types of built-up shear links. Links C345a, H485, L100 and
L225 were designed to have the same effective length, nominal shear and moment capacities and flange
compactness ratios. The minor differences in these properties were caused by round off in plate thickness
and variability in actual versus specified steel yield stresses. Link X100 had the same properties as men-
tioned above for the other links, except for having a lower nominal shear capacity. Link C345b was signif-
icantly different and only had the nominal shear capacity in common with the rest of the link types.

5.2 Energy Dissipation

Ductile hysteretic behavior without strength degradation and without pinching of the hysteretic loop was
characteristic for all shear links subjected to the incremental cyclic deformation history. In order to obtain
the energy dissipated by these devices, the average relative displacement between the ends of the shear
links ∆eff was calculated based on the average shear deformation γeff according to Equation 5-1, where e is
the effective length.

(5-1)∆eff e γeff⋅=
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The area bound by the resulting shear-displacement cyclic response of the links as shown in Figure 5-1
represents the hysteretic energy Ehyst dissipated by the link. The hysteretic energy was calculated for all
links and is summarized in Figure 5-2 for each cycle of link deformation. With increase in the deformation,
the dissipated hysteretic energy increased as the area bound by the cyclic response became larger. Com-
pared to other shear link specimens, Link L100 dissipated the most energy per cycle because of the signif-
icantly larger shear strength that was resisted by the link.

   

The effectiveness of the shear links as hysteretic energy dissipating device was evaluated by the hysteretic
efficiency factor in Equation 5-2.

Hysteretic Efficiency Factor = Ehyst/Emax (5-2)

The energy Emax represents the maximum energy that can be achieved per cycle as bound by a rectangular
area between the maximum and minimum values of shear and deformation per cycle. Hence, a hysteretic
efficiency factor of 0% represents an elastic response, while a factor of 100% represents a theoretical infi-
nitely stiff elasto-plastic response.

The hysteretic efficiency factor is summarized in Figure 5-3 for all links at each shear deformation value.
The shape of the cyclic response did not significantly vary among the different shear links and hence the

Table 5-1: Summary of Tested Built-up Shear Links

Characteristic
Link Type

C345a C345b H485 L100 L225 X100

Detailed
Figure

Figure 2-1 Figure 3-1 Figure 4-1

Deformation
History

IC IC IC IC IC IC

NF NF NF

No. of Intermedi-
ate Stiffeners

2 1 4 No Web Stiffeners Used

Steel Grade 
within

the Effective 
Length

A709 
Grade 

345 MPa
(50 ksi)

A709 
Grade 

345 MPa
(50 ksi)

A709
HPS 485W

(70 ksi)

LYP
100 MPa
(14.5 ksi)

LYP
225 MPa
(33 ksi)

Web: LYP
100 MPa, 
Flange:

HT 440 MPa

e/hw 1.95 1.16 1.95 1.95 1.95 1.95

hw/tw 31 31 43 9.5 19.5 17.2

b/2tf 6.8 5.4 6.7 6.8 6.6 6.4

2Mpa/(eVpa) 2.49 3.46 2.43 2.51 2.42 5.98
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Figure 5-1: Shear Force-Displacement Cyclic Response
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Figure 5-2: Hysteretic Energy Dissipated per Cycle of Average Shear Deformation

Figure 5-3: Hysteretic Efficiency Factor
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hysteretic efficiency factor was similar for large levels of deformation among all of the links. The links
with low yield point steel webs were marginally more efficient, but the hysteretic efficiency was found to
be larger than 80% for all shear links.

5.3 Cyclic Shear Behavior and Overstrength

Large inelastic deformation was typical for all tested built-up shear links, but overstrength varied signifi-
cantly. Overstrength refers to the actual recorded shear resistance normalized to the link shear capacity as
discussed in Section 1.2.2. For the purpose of discussing the results of the experimental program, the over-
strength definition of Equation 1-15, which uses shear capacity Vpa based on measured yield strength fya, is
used. Based on capacity design principles, the elements outside the effective length must remain elastic
under the maximum forces generated by the link. Understanding and quantifying overstrength is therefore
essential such that the elements outside of the effective length are adequately designed. The expected over-
strength in the AISC Seismic Provisions is based primarily on experimental results of shear links made
from rolled sections, with little guidance given on the source of the overstrength. This section examines the
experimental results for trends in the shear strength of built-up links.

5.3.1 Cyclic Shear Strength

The maximum overstrength value recorded in all of the experiments are summarized in Table 5-2, however
these maxima do not provide any indication on the development of the shear strength throughout the his-
tory. A closer examination of the shear strength was made by constructing a backbone curve from the
results of the IC history tests. The shear resistance at each reversal was considered and the maximum was
taken if more than one reversal occurred at the same deformation. The backbone curve represents the
cyclic shear response of the specimen and is shown contrasted to the response of the six types of shear
links in Figure 5-4. To represent the overstrength, the backbone curves were normalized to the shear capac-
ity Vpa in Figure 5-5 up to 0.15 rad deformation. Links L100 and X100 had the highest overstrengths and
the shear links made from conventional grade steel had the second highest. Closer comparison was made in
Figure 5-6 of link types excluding the high values of L100 and X100. In all cases the shear strength
increased with increasing deformations, but did so following different trends.  

For comparison, the overstrengths at different levels of response were stacked in Figure 5-7 up to the max-
imum recorded value. Other than the maximum, three other milestones were chosen to graphically illus-
trate the development of overstrength; γp = 0.02 rad for low values of plastic demand, γp = 0.10 rad for the
highest values that all links were able to achieve and γp = 0.05 rad as an intermediate point. To obtain the
relative percentage increase, each overstrength was normalized to the maximum value in Figure 5-8.
Although the overstrength increased progressively with the deformation demand, large contributions of the
overstrength occurred even for low values of deformation. After completing γp = 0.02 rad cycle, an aver-
age of 78% of the overstrength was achieved for the links with conventional and high performance steel
and 58% of the maximum overstrength was achieved for the links with low yield point steels. Hence, over-
strength must be taken into account even for low values of expected inelastic demand. 
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Figure 5-4: Cyclic Backbone Curve from IC History Response
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Figure 5-5: Cyclic Backbone Curve Comparison for All Link Types

Figure 5-6: Cyclic Backbone Curve Comparison without Link L100 and X100
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5.3.2 Influence of Material Behavior

Despite commonalities in nominal shear and moment capacities for most link types, the overstrength val-
ues varied significantly. One of the main differences among the links was the materials used within the

Figure 5-7: Overstrength Comparison from IC History

Figure 5-8: Normalized Overstrength Comparison from IC History
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effective length. Shear links and in specific the webs of those links that were made from the same material
resulted in similar trends in the response as shown in Figure 5-5. The steel in the web of the link is impor-
tant because the web inelasticity dominates the shear link behavior. Links C345a and C345b had different
design characteristics, but the overstrengths followed similar trends in the lower deformation demands as
well as at ultimate. Similarly Links L100 and X100 were designed with the same steel in the web and both
followed similar trends in the lower deformation demands and resulted in extremely high overstrength val-
ues.

The results from the early cycles of the NF deformation history show the significance of material behavior
on the resistance. The initial deformations of Link L100 subjected to the NF history are shown in Figure 5-
9. After yield, the absolute value of the monotonic response increased up to the first reversal at γp = -
0.05 rad. The monotonic hardening was caused by strain hardening of the steel. The deformations reversed
and for the same level of deformation, the shear resistance increased by 36%. Since the deformation was
the same, only the material inelastic properties had increased the resistance of the link. Link L100 repre-
sented links with the highest overstrengths in the cases considered.

Similar trend was also observed in Link L225, which represented the second lowest overstrengths, shown
in Figure 5-10. The slope of the monotonic hardening was lower and the resistance increased by 17% for
the same γp = ±0.05 rad points. The trend in the gradual increase in resistance for additional reversal points
was described in greater detail in Section 4.4 and indicated progressive shear increase at the same deforma-
tion levels but after numerous reversals. These experimental results indicate a strong influence of material
post-yield behavior on the overstrength in built-up shear links. In addition to the results from NF history,
Section 5.3.3 further outlines the importance of material cyclic hardening on overstrength. The mechanical
characteristics of the steels used in the specimens was further studied by Dusicka et al (2004). 

5.3.3 Influence of Deformation History

The influence of deformation history on overstrength is related to the cyclic hardening characteristics of
the individual steels. The overstrengths after the NF deformation history were consistently lower than after
the IC history as summarized in Table 5-2, yet after the additional cycles following the NF history the
overstrengths were nearly identical. Figure 5-11 and Figure 5-12 illustrate the difference between a mono-
tonic response of shear links L225 and L100 to that achieved with IC history up to γp = ±0.05 rad deforma-
tion. The monotonic response was obtained from the initial loading of the NF history.  

Links of the same type but subjected to IC and NF histories were made from the same original plate to the
same dimensions and using the same fabrication procedures. Yet, for the same deformation at γeff = -

Table 5-2: Summary of Maximum Overstrengths

Deformation
History

Ωmax for Link Type

C345a C345b H485 L100 L225 X100

IC History 1.90 2.20 1.42 4.90 1.86 4.88

After Set 2
of NF History

N.A. 4.44 1.70 4.28

After Cycles Fol-
lowing NF History

N.A. - 1.88 4.87
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Figure 5-9: Initial Deformations of Link L100 Subjected to NF Deformation History

Figure 5-10: Initial Deformations of Link L225 Subjected to NF Deformation History
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Figure 5-11: Monotonic and Cyclic Response Comparison for Link L100

Figure 5-12: Monotonic and Cyclic Response Comparison for Link L225
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0.05 rad the resistance developed from the IC history was significantly higher than under simple mono-
tonic loading. The only contributor to the increase in resistance was the cyclic hardening of the steel and
resulted in a 56% and 28% increase for Link L100 and L225 respectively.

Under repeated cycles the shear resistance tended to stabilize throughout the NF history. During the second
set, the loading and unloading parts of the stress strain curve were nearly identical and were also indepen-
dent of the offset from origin. Figure 5-13 and Figure 5-14 show the bounding envelope of the response
under both sets of NF deformation histories. Superimposed are the backbone curves from the IC deforma-
tion history. The original backbone curve does not approximate the shear resistance well for the absolute
shear deformation values. However, when translated to the center of the NF history envelope, the back-
bone curve approximated closely the maximum resistance values. It is hence concluded that the resistance
and thereby the overstrength are dependant on the range of shear deformations endured by the shear link,
not just on the value of γeff achieved.

From the above discussion, the cause for the lower overstrengths after the NF history sets was due to the
lower deformation range endured. The range of shear deformations in NF history was ∆γeff = 0.20 rad. The
overstrength from IC history for the same strain range, i.e. for γeff = ±0.10 rad, was 4.52 and 1.67 for Link
L100 and L225 respectively. The overstrengths corresponded to within 2% in both cases. The material
dependent cyclic hardening influenced the link resistance characteristics depending on the range of defor-
mations and number of cycles.

The lower overstrength in C345a as compared to C345b was also partially influenced by the lower
achieved deformation range, which resulted from reaching the actuator force capacity during the negative
deformations. The deformation offset is apparent in the hysteretic response. Other factors such as differ-
ences in link geometry and test setup are also likely contributors. 

Figure 5-13: Envelope and Backbone Comparison for Link L100
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5.4 Deformation Capacity and Failure Mode

One of the desirable properties of a shear link is the ductile hysteretic behavior, which is primarily charac-
terized by high plastic shear deformation capacity. The deformation capacities were found to vary for the
different shear link designs.

5.4.1 Effectiveness of eliminating stiffeners

The maximum shear deformation capacities obtained from the IC tests are summarized in Table 5-3 and
graphically shown in Figure 5-15. All shear links significantly surpassed the implied minimum of the
AISC Seismic Provisions. When considering that Link L100 capacity was not achieved due to premature
failure of the connection, different levels of ultimate deformation capacity were evident. The links
designed without stiffeners had on average 68% higher ultimate deformation capacity than the shear links
with stiffeners. The improved performance was primarily due to the change in the mode of failure caused
by eliminating stiffeners from the effective length. 

The shear links with stiffeners consistently developed cracks in the heat affected zone next to the stiffener
to web welds. With increasing deformations those cracks propagated through the depth of the web. This
failure mode occurred near mid-length of the link where the shear deformations were larger than the aver-
age across the effective length. Failure mode of the links without stiffeners initiated in the web corners at
the ends of the effective length where the shear deformation demand was lower than average. The resulting
ultimate failure occurred at a significantly later point in the deformation history than the mode initiated at
stiffener welds. Both types of failures were desirably ductile and contained to within the effective length.

The significance of these results lies in the inclusion or exclusion of stiffeners from the effective length,
not in the number of stiffeners used. Link C345b only had one intermediate stiffener and the crack initia-

Figure 5-14: Envelope and Backbone Comparison for Link L225
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Figure 5-15: Shear Link Maximum Cyclic Deformation Capacity

Figure 5-16: CPSD at Failure from Incremental Deformation Tests
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tion and failure mode were similar to Link H485, which had 4 intermediate stiffeners. The absence of stiff-
eners eliminated welding and the associated HAZ from the face of the web where majority of the link
inelasticity was generated. It should be stressed that eliminating stiffeners was only possible due to the low
values of web compactness ratios. The design approach of eliminating intermediate stiffeners by decreas-
ing the web compactness was found to be very effective in increasing the ultimate deformation capacity of
the shear link.

5.4.2 Cumulative Plastic Shear Deformation

An additional measure of deformation performance can be made by comparing the damage sustained by
the shear links throughout the deformation history. Damage was caused by plastic deformations and can be
compared by calculating the cumulative plastic shear deformation (CPSD) using Equation 5-3. CPSD
cumulatively adds the plastic shear deformations that was calculated based on the average shear deforma-
tion of the effective length of the shear link. The calculation of CPSD was made by considering all reversal
points i up to the point of the last completed reversal n prior to failure.

 for i = 0 to n (5-3)

The deformation history outlined in the AISC Seismic Provisions for eccentrically braced frame shear
links would generate CPSD value of 2.77 rad after reaching the implied limit of γeff = 0.08 rad for links
made from 345 MPa (50 ksi) steels. All tested shear links surpassed that value as calculated from the IC
history experiments up to failure in Table 5-3 and graphically compared in Figure 5-16. The contribution
from the half-cycle during which failure occurred was not included. The difference between the CPSD val-
ues of links without stiffeners to those with stiffeners is more clearly defined than using (γp)max because
more plastic strain was accumulated during the larger deformation cycles. The links without stiffeners
endured on average 160% more damage based on CPSD than links with stiffeners, further highlighting the
benefits of excluding stiffeners from the effective length. Using CPSD instead of (γp)max was also useful
when comparing deformation capacity from different histories as it allowed for comparison of damage sus-
tained by the shear link regardless of the path taken.

5.4.3 Influence of Deformation History

For the shear links without stiffeners, IC as well as NF deformation histories were applied on different
specimens of the same shear link type. After completing two sets of the NF deformation history, Links
L225 and X100 were subjected to additional cyclic deformations up to failure. Failure of Link L100 was
not achieved due to failure of the connection prior to achieving capacity within the effective length. The
CPSDs calculated from the near-fault history results are included in Table 5-3. Despite following the same
NF deformation history, small variations in the achieved CPSD values after the second set were observed.
These were caused by differences in elastic stiffness and in target versus achieved deformations. The elas-
tic stiffness influences the calculation of the plastic shear deformation, which was calculated from the mea-
sured average shear deformation γeff based on Equation 1-13. The target average shear deformation were at
times slightly over achieved or under achieved in the experiment as compared to the idealized targets. The
accumulation of these differences resulted in small variations after completion of the NF deformation his-
tories.

CPSD γp( )i 1+ γp( )i–
i 0=

n

∑=
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After the additional cyclic deformations that followed the two NF history sets for both Link L225 and
Link X100, the maximum plastic deformations (γp)max were within 5% of the capacity achieved under IC
deformation history. From this perspective, the different deformation histories did not influence the link
capacity. The ultimate CPSD values were also similar. The CPSD was lower by 3% and 13% for Link
L225 and X100 respectively when the near-fault deformation histories were used. The cumulation of plas-
tic deformation during the different histories can be observed in Figure 5-17 and Figure 5-18 for Links
L225 and X100 respectively. The progression is represented by the number of reversals 2N, where N
denotes the number of cycles. Reversals were used because cycles were not clearly defined for the NF
deformation history. Since the number of reversals prior to failure varied depending on the deformation
history, the reversals were normalized to the total number of reversals at failure 2Nf. The ratio N/Nf there-
fore represents the life of the specimen from start of each deformation history up to failure.

The damage progression throughout the different deformation histories was markedly different. During the
IC history, CPSD increased gradually with increasing reversals. At larger cycles, the accumulation of plas-
tic deformation was significantly higher than during the initial cycles. The increase in γp was linear with
each cycle, but the damage sustained between successive reversals at large deformations was far more sig-
nificant than earlier in the deformation history. For example, the CPSD after γp = ±0.15 rad was approxi-
mately 5 times the CPSD after γp = ±0.05 rad. 

The imposed deformations under the NF history were not symmetric and contained large and small defor-
mation excursions. For reference, the completion of each of the two sets of near-fault histories are high-
lighted in the figures. The large initial deformations that are characteristic of the NF history are evident by
the almost immediate increase in CPSD, showing that significantly more damage was inflicted early in the
life of the specimen. At the end of the first set of NF deformation history, the damage based on CPSD cor-
responded to approximately the damage after 0.09 rad during the IC deformation history. Yet, the maxi-
mum achieved deformation under NF history was 0.15 rad. Based on the different progression of damage,

Table 5-3: Summary of Deformation Characteristics from Built-up Shear Link Experiments

History & Deforma-
tion Characteristic

Link Type

C345a C345b H485 L100 L225 X100

Incremental Cyclic 
History

(γp)max, rad
0.125 0.107 0.118 0.166* 0.197 0.228

After Cycles Fol-
lowing NF History

(γp)max, rad
N.A. N.A. 0.201 0.221

CPSD at Failure 
After Incremental 

Cyclic History, rad
3.35 3.02 3.22 6.22* 8.27 10.6

CPSD at Failure 
After Near Fault 

History, rad
N.A. 4.83* 8.04 9.38

* ultimate capacity not achieved due to connection failure
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Figure 5-17: CPSD in Link L225 Under Different Deformation Histories

Figure 5-18: CPSD in Link X100 Under Different Deformation Histories
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measuring the link deformation capacity using the maximum value of achieved plastic deformation is not
necessarily representative of the link damage.

From these results the deformation history was found to influence the link damage throughout the life of
the shear link, but not the ultimate values. The early accumulation of large plastic strain during the NF
deformation history only marginally lowered the ultimate capacity in both links as compared to the values
achieved under IC history. Hence, the damage measured by CPSD can be used to compare the performance
of shear links subjected to both NF as well as IC deformation histories.

5.5 Implications on Built-up Shear Link Design

The results of the experimental program on built-up shear links lead to observations related to the design of
built-up shear links. The AISC Seismic Provisions limit the expected design demand on a shear link to
0.08 rad. The cyclic deformation capacity of the built-up shear links surpassed that value and the design
recommendations should at least remain at that level for built-up shear links in general. The superior defor-
mation capacity of built-up shear links designed without stiffeners should be reflected by relaxing the max-
imum demand. The following are the proposed deformation limits for built-up shear links:

• γp ≤ 0.15 rad for links without stiffeners and within the bounds of web compactness and effec-
tive length aspect ratios of previously tested shear links, otherwise

• γp ≤ 0.08 rad.

These deformations were readily achieved by all links when considering (γp)max as well as CPSD under IC
deformation history. They were also achieved under NF deformation history for the shear links without
stiffeners.

A single multiplication factor currently used in the AISC Seismic Provisions is inadequate in estimating
the maximum resistance of built-up shear links and can be grossly unconservative. The influence of flange
thickness and especially the web steel cyclic hardening characteristics must be incorporated into the calcu-
lation of overstrength. The cyclic hardening properties alone accounted for up to 50% of the resistance
increase. The overstrength must be considered even for relatively small levels of plastic shear deforma-
tions and is further discussed in Section 7.7.

5.6 Summary

The results of large-scale cyclic experiments on six different built-up shear link types were compared. All
specimens exhibited ultimate deformation capacities that exceeded the current AISC Seismic Provisions.
The energy dissipated by the links was greater than 80% of the maximum theoretical energy per cycle,
illustrating the effectiveness of using built-up shear links as ductile hysteretic devices. In addition to the
maximum plastic shear deformations, cumulative plastic shear deformation values were calculated to com-
pare the relative damage sustained by the links that were subjected to different load histories. The near-
fault deformation history resulted in early accumulation of plastic strain as compared to the incremental
cyclic deformation history. As a result, the plastic deformation at failure is only partially indicative of the
damage sustained throughout the life of the link and should not be used as a sole indicator of achieved per-
formance. The total accumulations of plastic strain for the near-fault and incremental histories were within
13% for Link L225 and X100.

The effectiveness of eliminating stiffeners and decreasing web compactness by incorporating low yield
point steels within the effective length was evident by the increase in deformation capacity as compared to
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the links with stiffeners. The improved performance was mainly attributed to the change in failure mode
from HAZ of the stiffener welds near mid-length of the link to web tearing at the ends of the effective
length.

The overstrength values significantly exceeded the expected values in the AISC Seismic Provisions in
most cases. Experimental evidence pointed to the material characteristics as one of the major contributors
to the maximum shear resistance. Cyclic hardening was especially evident when comparing the near-fault
to the incremental cyclic deformation history. The shear resistance was found to be mainly a function of
the deformation range, regardless of the offset of the history used.
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SECTION 6
NUMERICAL INVESTIGATION OF BUILT-UP SHEAR LINKS

6.1 Finite Element Modeling

Large-scale experiments are costly endeavors and one effective way to add additional value to the experi-
mental program is to utilize the results and validate numerical models. The numerical models described in
this section were developed concurrently with experimentation. These models allowed for closer investiga-
tion of the behavior of the shear links, especially in areas that were difficult to instrument, and assisted in
explaining some of the observations made during the experiments.

The main objective was to develop numerical models for each type of shear link that was investigated
using the large-scale experiments. In the case of inelastic behavior of shear links, both material as well as
geometric non-linearities were required to account for the influence of material inelasticity and the chang-
ing geometry. The general purpose, finite element computer program ABAQUS v6.4 (HKS 2003) was
used to model the built-up shear links. The software allowed for three dimensional finite element modeling
and had the capability of incorporating material as well as geometric non-linear behavior, including geo-
metrical instabilities. Local instabilities such as flange or web buckling were not significant contributors to
the shear link behavior during the experiments, and therefore monotonic loading was used for the numeri-
cal models to approximate the cyclic backbone curves. The plastic strain demands in the various compo-
nents of the built-up shear links were also investigated.

6.2 Model Description

The models were developed in three dimensions to account for the interaction of the flange, web and stiff-
eners. The overall model geometry included the effective length as well as the connection zones of the
shear links, but excluded the tower shafts and other components of the test setup. Since the analyses con-
centrated on the behavior of the effective length, the bolt holes and flange splice details were not incorpo-
rated into the link connection zones. The models of the different built-up shear link types shared a common
approach in the final choice of element type, boundary conditions, material models and discretization.

6.2.1 Element Type

Two types of three dimensional elements were considered for the built-up shear link models; plate and
continuum elements. Plate elements are typically used to model the flanges, web and stiffeners of steel I-
beams or rolled shapes (Itani et al 2003). For the shear link models, ABAQUS 8-node plate element S8R
with 6 degrees of freedom per node was considered. The elements were spatially located at the plate center
lines and were assigned the appropriate thickness values.

In contrast to the typical dimensions of steel girders or rolled shapes, the plate dimensions used for built-up
shear links can have significant thickness. The thickness of the flanges in Link L100 made up 16% of the
entire section depth. Plate thickness can have an influence on the inelastic response evidenced by the plas-
tic strains recorded in the flanges from bending about the plate weak axis at the ends of the effective length
during the experiments. For the shear link models, ABAQUS 8-node continuum element C3D8R with 3
degrees of freedom per node was considered to appropriately model the plate thickness. Section 6.3.1 dis-
cusses the applicability of these 2 elements to the shear link model and outlines both the final element
choice and justification.
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6.2.2 Boundary Conditions

A typical shear link model, utilizing either plate or solid elements is shown in Figure 6-1. The nodes at one
end of the link were restrained against displacements in all directions. The nodes at the other end of the
link were slaved to a single reference point RF1. The shear link deformations were imposed at RF1 by
applying a displacement in the y-direction while providing a restraint against rotation about the z-axis. The
reference point and thereby the end of the shear link was free to move in the x-direction. The combination
of these boundary conditions imposed constant shear and equal end moments in the shear link without
introducing any axial forces. The exclusion of axial force was made for clarity of results with a separate
investigation on the influence of the axial force discussed later in Section 6.3.3.

6.2.3 Material Models

The material nonlinearity was defined by a yield stress along with plastic strain and associated stress data.
The plasticity behavior was based on von Mises yield surface criteria, which is appropriate for the ductile
behavior of steels. The yield strength for each grade of steel were obtained from the measured yield
strengths of the steels previously summarized in Table 2-2, Table 3-2 and Table 4-2. The poisson ratio was
assumed to be ν = 0.3 as typical for structural grade steels. Isotropic strain hardening was used for the
material along with two types of post-yield material relationships, elasto-plastic and cyclic stress-strain
relationships.

The elasto-plastic stress-strain relationship had no strain hardening and effectively discounted any material
influence on the post-yield stiffness of the shear link. The cyclic stress-strain material behavior was incor-
porated by utilizing the results from cyclic coupon experiments (Dusicka et al 2004). Since monotonic

(a) Plate Elements                                                      (b) Continuum Elements

Figure 6-1: Typical Model Layout Including Boundary Conditions
120



analyses of the numerical models were used to approximate the cyclic experimental results, the power law
cyclic stress-strain relationships was utilized to define the plastic stress-strain material behavior of the dif-
ferent steels. The power-law relationship is defined by Equation 6-1 and the required parameters summa-
rized in Table 6-1.

(6-1)

where ε = true strain
σ = true stress
E = elastic modulus
K = cyclic strain coefficient
n = cyclic strain hardening exponent

6.2.4 Discretization

The flanges, web and stiffeners were modelled as individual components. The components included local
geometric changes such as flange and web thickness transitions from the effective length to the connec-
tions and stiffener chamfer details. After spatially assembling the components, interactive constraint rela-
tionships were defined to tie together the nodes at the edges and surfaces of the intersections of the
components. The welds were not included in the numerical model for reasons of computational simplicity.

The mesh density, which determined the typical element size in the model, was defined by a global seed
assignment at the edges of the model. Local seeds were then assigned at specific locations to further refine
the element mesh size. The meshing algorithm in ABAQUS uses the seed spacing to generate the element
mesh. The mesh refinement was especially important for the models utilizing the continuum elements
because closer element mesh size was required in areas of expected bending about the weak axis of the
plates. As shown in Figure 6-2, the flanges at the ends of the effective length were refined to a smaller
mesh size along the link length since localized yielding was recorded in those locations during the experi-
ments. Similarly, the stiffener discretization was refined along the length at the flange connections. The

Table 6-1: Stress-Strain Power Function Coefficients (Dusicka et al 2004)

Coefficient

Steel

A709 
Grade 

345 MPa
(50 ksi)

A709
HPS 485W

(70 ksi)

HT
440 MPa 
(65 ksi)

LYP
100 MPa
(14.5 ksi)

LYP
225 MPa
(33 ksi)

Cyclic Strain Coeffi-
cient K, MPa (ksi)

1020
(148)

1010
(146)

1270
(184)

600
(87.1)

610
(88.4)

Cyclic Strain Harden-
ing Coefficient, n

0.138 0.124 0.192 0.178 0.144

ε σ
E
--- σ

K
----⎝ ⎠
⎛ ⎞ 1 n⁄

+=
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flanges and stiffeners were divided into five layers through each plate thickness. This division allowed for
appropriate accommodation of the weak axis bending of those plates.

6.3 Results of Shear Link Analyses

During the experiments, the deformation of the effective length was measured independent of the connec-
tions and the test setup. For consistency, the average shear deformation of the numerical models was
obtained using the same methodology. Diagonal displacements were measured across the effective length
and the shear deformation was calculated using Equation A.3 as described in Appendix A. The numerical
models were monotonically loaded until the shear deformation reached γeff = 0.15 rad. The shear force was
obtained from the reaction in the y-direction at the reference node RF1.

6.3.1 Element Type and Size

The appropriate selection of the type of elements and the discretization of the mesh was investigated using
the model for Link C345a as it was the first model to be developed. The cyclic material stress-strain rela-
tionship for A709 Grade 345 MPa (50 ksi) steel was used and the following element choice and discretiza-
tion options were investigated:

• plate elements S8R with global mesh seeding of 20 mm (0.79 in).
• continuum elements C3D8R with global mesh seeding of 50 mm (2.0 in).
• continuum elements C3D8R with global mesh seeding of 20 mm (0.79 in).
• continuum elements C3D8R with global mesh seeding of 10 mm (0.39 in).

The models were pushed to γeff = 0.15 rad shear deformation. As shown by the shear deformation response
in Figure 6-3, the overall behavior was similar for both element types and for the considered discretization
options. The response of the models using the continuum elements converged for global seeding of 20 mm

Figure 6-2: Details of Model Discretization
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(0.79 in) or less. The shear resistance was consistently lower for the model using the plate elements for
deformations exceeding approximately γeff = 0.08 rad. Reducing the size of the continuum elements did
not improve upon this difference, which was found to be caused by the strain distribution in weak axis
bending of plates.

The plastic strains in the flanges of the numerical models utilizing continuum elements were more repre-
sentative of the trends in the flange strains recorded from the experiments. The maximum principal plastic
strains in the flanges are shown for the different models in Figure 6-4 for shear link deformation of
γeff = 0.10 rad. The plastic strain distribution was not uniform through the depth of the flanges and
extended over a longer length for the models utilizing continuum elements. The partial plasticity of the
flanges contributed to a higher resistance as compared to the fully plastic flanges of the models utilizing
the plate elements.

Important differences were also observed when comparing the plastic shear strain distributions in the web
of the links as shown in Figure 6-4. The plastic shear strain PE12 in the center of the web panels indicated
similar levels of demand among the different model options. However, the strain demand in the web
showed increased concentrations of plastic strains for the models using continuum elements. The strains
concentrated in the area of the stiffener to web connections near the ends of the stiffener chamfers. This
was not observed in the plate models where the stiffeners were defined along a line of nodes at the web
intersections, instead of an area that was representative of the plate thickness.  

In general, the shear deformation responses were similar for the options considered, but the continuum ele-
ments allowed for modeling of plastic strains that was more closely correlated to the experimental. The
final element type and discretization of the model was selected as continuum elements C3D8R at a global

Figure 6-3: Global Response Comparison of Considered Models of Link C345a
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Figure 6-4: Strain Comparison of Link C345a Models at γeff = 0.10 rad
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Figure 6-5: Models of Shear Links with Stiffeners
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Figure 6-6: Models of Shear Links without Stiffeners
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seed of 20 mm (0.79 in). At this discretization the plastic strains were well represented without the added
computational effort required for finer mesh size. This choice of the three-dimensional element and dis-
cretization was extended for the other types of shear links listed in Table 5-1. The meshed models repre-
senting the shear links with stiffeners are shown in Figure 6-5 and those without in Figure 6-6.

6.3.2 Correlation to Cyclic Response

The force deformation response from the monotonically loaded numerical models was compared to the
experimental cyclic backbone curve for the different shear link types in Figure 6-7 through to Figure 6-12.
In all cases, the response of the models with elasto-plastic material relationship did not correspond well to
the experimental. However, the numerical models utilizing the material cyclic stress-strain relationships
exhibited a much closer correlation. These results confirmed the experimental observations that material
stress-strain characteristics have significant influence on the built-up shear link behavior and illustrate the
feasibility of approximating the cyclic backbone curves through the use of monotonically loaded numerical
models.

The response of the numerical models correlated well to the experimental for shear links made from the
structural grade steels, i.e. Links C345a, C345b and H485. This was especially the case for Link C345a
where the initial hardening was nearly identical up until the point of γeff = 0.08 rad, when during the exper-
iment the cycles did not fully reverse. The response of the model for Link C345b also followed closely the
shape of the backbone curve, only slightly underestimating the experimental response. The difference
between experimental response of C345a and C345b was likely caused by the test setup. The geometry of
the test setup for 345b was more susceptible to the development of tensile axial forces and may have con-
tributed to the increased resistance in that shear link. The model of Link H485 was also reasonable, but did
over-estimate the resistance at larger deformations. The transition from elastic response was much more
gradual in Links C345a and C345b as compared to Link H485, a difference that was well captured by the
numerical models.

The response of the numerical models of links made from low yield point steels, i.e. Links L225, L100 and
X100, showed similar trends to the experimental backbone curve, but had consistently higher resistance
than the experimental results. The discrepancy was caused by the material cyclic stress-strain relationship.
The numerical model used the power law material relationships developed from the cyclic coupon tests.
The cyclic response of the LYP steel coupons did not stabilize in the same manner as the structural grade
steels. The power law relationship was derived from the maximum values of the stress that developed
under the repeated cycles of the same amplitude strain. The deformation in the shear link experiments were
incrementally increased in amplitude after just one cycle and hence the cyclic hardening did not increase
the resistance to the same level as that represented by the power law relationship. The numerical model
consistently overestimated the stress in the material and provided an upper bound shear resistance for the
links with LYP steel.     

6.3.3 Influence of Axial Force on Shear Resistance

It is possible that under large deformations of the shear link, axial tensile forces were introduced by the
deformed test setup geometry as explained in Appendix A. The influence of the axial force on the link
shear resistance was inherent in the processing of the actuator load data. It is important to quantify the
influence to better understand the significance of axial loading on link shear resistance. The numerical
models of all link types were re-analyzed with a tensile axial force, which has the potential of increasing
the shear resistance of deformed shear links.
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Figure 6-7: Model and Experimental Response Comparison of Link C345a

Figure 6-8: Model and Experimental Response Comparison of Link C345b
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Figure 6-9: Model and Experimental Response Comparison of Link H485

Figure 6-10: Model and Experimental Response Comparison of Link L225

Sh
ea

r, 
V 

(k
ip

)

0

100

200

300

400

500

Average Shear Deformation, γeff (rad)
0.00 0.02 0.04 0.06 0.08 0.10 0.12 0.14

Sh
ea

r, 
V 

(k
N

)

0

500

1000

1500

2000

2500

Model with
Elasto-plastic Material

Model with Cyclic
Stress-Strain Material

Experimental
Backbone

Sh
ea

r, 
V 

(k
ip

)

0

100

200

300

400

500

600

700

Average Shear Deformation, γeff (rad)
0.00 0.02 0.04 0.06 0.08 0.10 0.12 0.14

Sh
ea

r, 
V 

(k
N

)

0

500

1000

1500

2000

2500

3000

3500

Model with
Elasto-plastic Material

Model with Cyclic
Stress-Strain Material

Experimental Backbone
129



Figure 6-11: Model and Experimental Response Comparison of Link L100

Figure 6-12: Model and Experimental Response Comparison of Link X100

Sh
ea

r, 
V 

(k
ip

)

0

200

400

600

800

1000

Average Shear Deformation, γeff (rad)
0.00 0.02 0.04 0.06 0.08 0.10 0.12 0.14

Sh
ea

r, 
V 

(k
N

)

0

1000

2000

3000

4000

5000

Model with
Elasto-plastic Material

Model with Cyclic
Stress-Strain Material

Experimental Backbone

Sh
ea

r, 
V 

(k
ip

)

0

100

200

300

400

500

600

700

Average Shear Deformation, γeff (rad)
0.00 0.02 0.04 0.06 0.08 0.10 0.12 0.14

Sh
ea

r, 
V 

(k
N

)

0

500

1000

1500

2000

2500

3000

3500

Model with
Elasto-plastic Material

Model with Cyclic
Stress-Strain Material

Experimental Backbone
130



The link axial force F was applied at RF1 and linearly increased with deformation from zero to a peak
value of 0.20Py, where Py is the axial yield capacity of the link calculated as Py = Afy for a link cross sec-
tional area A and nominal yield strength fy . The peak axial force was chosen as the axial force estimated in
Appendix A for actuator displacements corresponding to approximate shear link deformations of
γeff = 0.20 rad.

The results of the analyses where axial force was included were compared in Figure 6-13 to the results of
models without any axial forces. The tensile axial force in the link increased the shear resistance at large
shear link deformations by 5% to 8%. This increase was also calculated by using equilibrium of an ideal-
ized link shown in Figure 6-14 in order to develop a method of approximating the effect of axial force
without the need for detailed numerical models. Equal moments M were assumed at the ends of the effec-
tive length e. It can be shown that the shear resistance V is directly proportional to the axial force P and
shear link deformation γeff as described by Equation 6-2.

(6-2)

Hence, the increase in shear resistance caused by the axial force can be approximated by Pγeff. This
increase was added to the original numerical results and is compared to the numerical models in Figure 6-
13. The approximation was consistently higher than the numerical model results, but showed that the sim-
ple expression could be used to conservatively estimate the shear resistance increase.

6.4 Plastic Strain Demand

The detailed numerical models allowed for closer investigation of plastic strain demand in the shear links.
The accumulation of plastic strain can lead to material fatigue and cracking, potential sources of failure we
can investigate effectively using numerical modeling. The strains obtained from gauges during the experi-
ments were only in specific locations whereas the strains in the model could be obtained as a distribution
throughout the link. Utilizing the continuum elements allowed for realistic representation of relative plate
thicknesses of the flanges and stiffeners. The strain demands in the web and the flanges were examined for
correlations to the failure modes and cracking patterns observed during the experiments.

6.4.1 Influence of Stiffeners on Web Strains

A consistent correlation was found between the location of the initial cracking during the experiments on
shear links with stiffeners and the location of localized plastic shear strain concentrations in the numerical
models. The plastic shear strain demand in the built-up shear links in which stiffeners were used is shown
in Figure 6-15 for deformations at γeff = 0.10 rad. The increase in strain demand occurred consistently at
the ends of the stiffener to web connection, next to the stiffener chamfer. The plastic strains in those loca-
tions were over 20% higher than in the middle of the panel and coincided with the welding start and stop
locations of the stiffener fillet welds. This indicates that the onset of cracking in the web observed during
the experiments was likely caused by the combination of the influence of the heat affected zone and the
plastic strain concentrations. The ends of the effective length remained primarily elastic and hence the end
stiffeners did not influence the web plastic strains.

V 2M
e

-------- Pγeff–=
131



Figure 6-13: Influence of Axial Force on Shear Resistance
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For comparison, Figure 6-16 shows the plastic shear strain demand in the shear links types without stiffen-
ers for deformations at γeff = 0.10 rad. No localized plastic strain concentrations occurred in the web
within the effective length. The contours of the plastic shear strain showed lower demand at the ends of the
effective length as compared to mid-length, which confirmed the strain measurements from the experi-
ments shown in Figure 4-31. From the strain demand perspective, removing the stiffeners from the effec-
tive length eliminated the localized plastic shear deformations caused by the presence of intermediate web
stiffeners. These results along with the experimental observations of failure in Link C345a and H485 led to
the investigation of shear links without stiffeners as previously discussed in Section 4.1.  

6.4.2 Stiffener Bending

Strain gauge measurements as well as observations during the test indicated yielding in the stiffeners near
the flange connection zones. The numerical models also showed significant yielding in the stiffeners as
shown in Figure 6-17 for Link C345a and H485 at deformation of γeff = 0.10 rad. The distribution of strain
indicated that a plastic hinge formed at the ends of each intermediate stiffener. The hinge was caused by
the bending of the stiffener in accommodating the relative deformation of the flange with respect to the
web. An experimental observation of the stiffener bending was previously shown in Figure 2-12 for Links
C345a and C345b. Cracks in the stiffeners do not necessarily result in brittle failure of the link and hence
the plastic strains were not as concerning as those in the flanges. The chamfer in the stiffener allowed for
the necessary deformation to take place without potentially increasing the strain demand on the web. A
large chamfer dimension is preferred over the potential of increased plastic strains in the web as shown by
McDaniel at al (2003). Based on their study, the minimum size of the chamfer should be 3tw, where tw is
the thickness of the web. This dimension is sufficient to allow the formation of a plastic hinge provided
that the web thickness is the same as the stiffener thickness. If the stiffener is thicker than the flanges, the
chamfer may have to be increased. 

It was considered that the bending of the stiffener caused the plastic strain concentrations in the web by
introducing a force at the stiffener to web connection. To investigate the influence of the stiffener bending
on the web plastic strain concentrations, the tie constraint between the stiffener and the flanges were
deleted in model of Link C345a. In effect, the stiffeners were considered to only be attached to the web and
not the flanges. The plastic shear strain distribution resulting from the re-run analyses of the modified
shear link is shown in Figure 6-18. The results showed that the stiffener bending was not the primary cause
of the strain concentrations since the increased plastic strains remained at the same locations. The cause
was therefore the connection of the stiffener to the web and the consequent stiffening at that location. The

(a) Deformed Shear Link                                    (b) Idealized Shear Link

Figure 6-14: Equilibrium of Shear Link With Axial Force
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Figure 6-15: Plastic Shear Strain Distribution in Web of Links with Stiffeners
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Figure 6-16: Plastic Shear Strain Distribution in Web of Links without Stiffeners
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Figure 6-17: Maximum Principal Plastic Strains in Stiffeners

Figure 6-18: Plastic Shear Strain with Stiffeners Detached from Flanges
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stiffening introduced a discontinuity in the plastic deformations of the web and resulted in localized plastic
strains at the ends of that discontinuity. Disconnecting the stiffener from the web would not provide suffi-
cient stiffening of the web against buckling.

6.4.3 Plastic Strains in Flanges

Modeling the shear links with the connection zones was important in assessing the demands in the transi-
tion zone between the plastically deformed effective length and the elastic connection zones. Localized
yielding of the flanges at the ends of the effective length were recorded in all shear link experiments
despite the fact that in most cases, the moment demand was below the moment capacity of the section. The
numerical models also showed local plastic strains in the flanges. Two examples of the maximum plastic
principal strains are shown in Figure 6-19 for two shear link types that were selected for their different
flange thicknesses. Link L100 had the thickest flanges within the effective length and Link X100 the thin-
nest. The webs of the links were suppressed from view and only flanges shown for clarity.

The strains are shown for two link deformations which were achieved during the experiments on both link
types. The strains magnitudes at γeff = 0.10 rad corresponded well to the measured strains in Figure 4-26
and Figure 4-28 for Link L100 and X100 respectively. The plastic strains did not significantly grow in area
with increased shear link deformations, but they did increase in magnitude. The proximity of the plastic
strains to the flange welds next to the connection zone contributed to the observed flange cracking in that
area. This was especially the case for Link X100 where the highest plastic strains were located within the
transition between the thinner flange and thicker connection zone. To alleviate this flange cracking, welds
should be located away from the flange plastic strain areas.

Although significant plasticity did occur in the flanges, a complete plastic hinge did not form. The plastic
strains in the flanges did not extend through the thickness of the plates and mainly concentrated on the out-
side surface. Limited yielding did start to occur on the bottom of the flanges in Link L100 for larger defor-
mations, but the strains were much lower than on the outside surfaces. These results confirm experimental
strain gauge readings discussed in Section 2.3.5, Section 3.3.5 and Section 4.3.5 for the different types of
links.

6.4.4 Strain Demand in Link L100

Although the connection zones of the shear links were simplified in the numerical models, the plastic strain
demand in the connections was evident for Link L100. As shown in Figure 6-16a, the large overstrength
resulted in plastic shear strains that extended into the connection zones. This link type was the only one
where any plastic strains were recorded in the web of the connection zones. The severity would have been
further exaggerated if bolt holes were included in the analyses and explains the premature failure of the
connection.

The numerical models also helped to explain the cause of the observed cracking at the web to flange inter-
face in Link L100 discussed in Section 4.3.2 and shown in Figure 4-8. The low yield strength of LYP
100 MPa (33 ksi) was not sufficient to elastically transfer the stresses from the web to the flanges. Plastic
strains resulted along the length of the flange to web connection as shown in Figure 6-19b. These flange
plastic strains did not occur when higher strength steel was used in Link X100 as shown in Figure 6-19d.
Based on these results, care should be taken when low yield point steel is used for flanges and higher
grades steels are recommended for flanges in built-up shear links.
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6.5 Implications for Built-up Shear Link Design

The numerical results confirmed a number of the results and observations made during the extensive
experimental program. The models also provided insight into some of the detailing requirements associ-
ated with built-up shear link design. The following details are recommended for consideration in the
design for built-up shear links:

• Experimentally obtained cyclic stress-strain material behavior is essential in modeling the
shear link resistance of links made from different grades of steel.

• Chamfers should be used in the stiffeners in the flange to web corners to accommodate the for-
mation of plastic hinges at the ends of the stiffeners.

• In order to reduce the chance for cracking in the flanges, welding should be avoided at the
flange outside surfaces near the ends of the effective length. Welding at the inside of the
flange, i.e. the flange surface facing the web, can be performed at any location along the length
of the link since the plastic strains are not as severe.

• The steel in the flanges should be of the same or higher strength than steel used for the web.

Figure 6-19: Maximum Principal Plastic Strains in Shear Link Flanges
138



6.6 Summary

Finite element models were developed for the built-up shear link types that were tested during the experi-
mental program. The force deformation response of the numerical models utilizing plate elements was
similar to the models utilizing continuum elements. However, the continuum elements were able to more
realistically represent the thickness of the plates and the strain distribution throughout the shear link. The
response of the models was found to be significantly influenced by the material stress-strain relationships.

Estimating the force deformation response using numerical models would not have been possible without
the experimental results of the material stress-strain characteristics of the different grades of steels. The
monotonic response of the numerical models utilizing the cyclic power law stress strain properties approx-
imated the shear link cyclic backbone curve from the experiments well, especially for the structural grade
steels. Consistently higher resistance resulted from analyses of models utilizing the LYP steels due to the
derivation procedure of the power law stress-strain relationship.

The numerical modeling showed plastic strain concentrations in the web of the shear links that used stiff-
eners. The increased demand was caused by the stiffening of the web and restricted plastic flow in the web
caused by the stiffeners. The higher strains coincided with the heat affected zone from the stiffener to web
welds and contributed to the onset of cracks in those locations during the experiments.

Plastic hinging occurred in the intermediate stiffeners at the flange connection. The hinging was caused by
the imposed bending of the stiffener to accommodate the relative deformation of the flange with respect to
the web. Plastic strains also occurred in the flanges at the ends of the effective length. The plastic strain
increased with increasing shear link deformation, but remained localized to the ends of the effective length.
The strains did not extend through the thickness of the flange and did not form a plastic hinge. Welding
should be avoided on the outside surface of the flanges at the ends of the effective length to prevent crack-
ing, although welding anywhere along the length on the inside surface of the flange would not be detrimen-
tal.
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SECTION 7
PLASTIC SHEAR STRENGTH OF BUILT-UP SHEAR LINKS

7.1 Parametric Study

One of the primary benefits of numerical modeling of built-up shear links is the ability to study the
response of design alternatives and variations without additional experimentation. The calculation of shear
resistance as expressed in Equation 1-10 only considered the plasticity of the web, but other factors can
potentially influence the shear resistance. The experimentation and numerical modeling conducted in this
study identified material stress-strain characteristics as major contributors to shear resistance and it is pos-
sible that those material properties may have over shadowed the contributions of other link components
such as flanges and stiffeners.

The methods and rationale used to numerically model the different types of built-up shear links in Section
6 using ABAQUS v6.4 (HKS 2003) finite element software package were extended for studying the influ-
ence of link geometry on the shear resistance. The objectives were to investigate the influence of stiffeners,
flanges and the effective length on the link shear resistance by conducting parametric analyses. The results
of these analyses in combination with results from the experiments served as basis for formulating an
expression for determining the maximum shear resistance of built-up shear links.

7.2 Model Description

Shear link geometry was varied from a base model of a built-up shear link. The base model was chosen to
be representative of the links used for the experiments in the effective length e and web height hw. The
cross sectional dimensions of Link C345a were used as initial values as summarized in Table 7-1. The con-
nection zones were included at both ends of the effective length and were defined to have the same plate
dimensions as the effective length to eliminate any thickness and width transitions for modeling and com-
putational simplicity.

The nodes were restrained against all displacements at one end of the link and slaved to reference point
RF1 as shown in Figure 7-1. Deformation of the link was imposed by applying a monotonic displacement
in the y-direction at RF1 while restraining rotation about the z-axis, resulting in constant shear and equal
end moments in the model. ABAQUS continuum elements C3D8R were used with discretization details
chosen as discussed in Section 6.3.1, resulting in the discretization of the shear links with and without stiff-
eners as shown in Figure 7-1. An elasto-plastic material stress-strain relationship was used in order to elim-
inate the contribution of material hardening on the results and thereby isolate the influence of link
geometry. The connection zones were assigned elastic properties. The flange transition from elasto-plastic
to the elastic properties extended beyond the ends of the effective length in order to fully accommodate the
formation of plastic strains at the ends of the effective length.

If intermediate stiffeners were used, they extended through the full depth and width of the shear link and
were placed at both sides of the web. The number of intermediate stiffeners, denoted by ns, were spaced
equally through the effective length. All stiffeners included 40 mm (1.57 in) chamfers in each web to
flange corner. Unless otherwise specified, the stiffener nodes were tied to the rest of the shear link at the
web and flange interfaces, but the welds themselves were not modelled.
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(a) Layout of Shear Link Without Stiffeners   (b) Elements in Link Without Stiffeners

(c) Layout of Shear Link With Stiffeners   (d) Elements in Link With Stiffeners

(d) Sectional Dimensions

Figure 7-1: General Layout of Shear Link Model
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7.3 Flange Contribution to Shear Strength

Localized yielding of flanges at the ends of the effective length was recorded in the shear link experiments
described in Section 2 through to Section 4 and verified by numerical modeling in Section 6. The yielding
was caused by the bending deformations of the flanges in accommodating the transition from the elastic
connection zone to the inelastic effective length. The force required to bend the flange can influence the
overall shear resistance of the link. The flange flexural strength is primarily influenced by the flange steel
yield strengths and the flange thicknesses.

7.3.1 Influence of Flange Steel Yield Strength

Four yield strength values of steel were considered for the flanges of the base model as summarized in
Table 7-1. The flange yield strengths ranged from 225 MPa (33 ksi) to 695 MPa (100 ksi), covering the
practical range of strengths for structural plate steels. All of the other parameters of the shear link remained
unchanged from the basic model. The lowest available yield strength of 100 MPa (33 ksi) was not used
because the moment capacity of such a shear link would not be sufficient to yield the web. 

The values of maximum shear resistance from the analyses are shown in Figure 7-2 for three values of
shear link deformation γeff = 0.05, 0.10 and 0.15 rad. Only a moderate influence of flange steel yield
strength was observed on the shear resistance of the link. The maximum shear increase from the base

Table 7-1: Summary of Base Model and Considered Variations

Characteristic* Base Link Model Considered Variations from Base Model

L, mm (in) 2000 (78.7) -

e, mm (in) 840 (33) 210 (8.23), 420 (16.5), 1260 (49.6)

hw, mm (in) 430 (16.9) -

tw, mm (in) 14 (0.55) -

b, mm (in) 300 (11.8) -

tf, mm (in) 22 (0.87) 11 (0.43), 33 (1.30), 44 (1.73), 55 (2.17)

ts, mm (in) 0 7 (0.28), 14 (0.55), 21 (0.83), 28 (1.1)

ns 0 3, 6, 12

Web Yield Strength
fyw, MPa (ksi)

345 (50) -

Flange Yield 
Strength

fyf, MPa (ksi)

345 (50) 225 (33), 485 (70), 695 (100)

* geometric characteristics are depicted in Figure 7-1
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Figure 7-2: Influence of Flange Steel Yield Strength

Figure 7-3: Influence of Flange Thickness
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model was 7% at γeff = 0.15 rad for the range considered and decreased with smaller shear deformations.
The strength increase with link deformation was more significant for higher steel yield strengths because
the plastic flange strains that would limit the resistance did not develop in the flange until later in the link
deformation response.

7.3.2 Flange Thickness

Five different variations of flange thickness were considered as listed in Table 7-1. The flange yield
strength remained constant at fyf = 345 MPa (50 ksi). The values of the maximum shear resistance from the
analyses are shown in Figure 7-3. The influence of flange thickness was much more evident than the influ-
ence of flange steel yield strength. The increase in shear had a consistent trend among the three levels of
shear deformations. The largest strength increase from the base model among the cases considered was
approximately 46%.

7.4 Stiffener Contribution to Shear Resistance

End stiffeners are necessary to transfer the load from the shear link to the rest of the structure, typically
through the use of braces. These stiffeners do not deform inelastically as they form part of the elastic con-
nection zone and as a result, they do not contribute to the shear strength developed within the effective
length. Intermediate stiffeners are located within the plastically deforming effective length and can poten-
tially influence the shear resistance. These stiffeners are often necessary in delaying web buckling and
their influence on the shear link resistance was considered using the mechanisms of web stiffening and
stiffener bending.

7.4.1 Web Stiffening

The non-linear behavior of shear links relies on developing plasticity in the web within the effective
length. As discussed in Section 6.4.1, stiffeners can provide discontinuities in the plastic strain distribution
in the web. At the location of the stiffener to web interface, the web becomes stiffer not only against out of
plane buckling but also against formation of plastic strains in that area. It is possible that with a sufficient
number of stiffeners, the stiffening of the web would increase the shear link resistance by restricting the
plastic strain flow.

Intermediate stiffeners were added within the effective length of the base model. In order to account for
only the web stiffening effect, the stiffeners were only connected to the web and not to the flanges. Shear
links with sectional properties corresponding to the base model were considered with ns = 0, 3, 6 and 12,
where the stiffener thickness remained constant at ts = 14 mm (0.55 in). Higher number of stiffeners would
not be practical due to constructability considerations. The results of the numerical analyses are shown in
Figure 7-4 for three shear deformation values γeff = 0.05, 0.10 and 0.15 rad. The strength remained nearly
constant over the range of stiffener ratios and hence the web stiffening effect was shown to have insignifi-
cant influence on link shear strength within the range considered.   

7.4.2 Stiffener Bending

The development of plastic hinges in the stiffeners at the flange connections has been experimentally
observed and numerically validated for the tested built-up shear links. The formation of hinges was caused
by bending of the stiffeners in accommodating the relative deformation between the flange and the web. In
the web stiffening investigation, the stiffeners were not connected to the flanges and hence did not bend
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Figure 7-4: Influence of Web Stiffening

Figure 7-5: Influence of Stiffener Bending
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Figure 7-6: Influence of Stiffener Thickness (ns = 3)

Figure 7-7: Influence of Effective Length
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during the link plastic shear deformations. To investigate the effect of stiffener bending, the models con-
sidered for the web stiffening investigation in Section 7.4.1 were re-analyzed with the stiffeners connected
to the flanges.

The results of the analyses are shown in Figure 7-5 for three different shear deformation values γeff = 0.05,
0.10 and 0.15 rad. An increase in shear strength with increase in shear deformation was evident in each of
the model variations. The stiffener yielding progressively formed with increasing link deformations result-
ing in an increase in shear resistance. The increase in number of stiffeners also increased the resistance.
The maximum increase from the base model was 15% for γeff = 0.15 rad and for the range considered.

To investigate the influence of the stiffener thickness, three intermediate stiffeners were used in the base
model with thicknesses ranging from 0 mm (0 in) to 28 mm (1.1 in) as summarized in Table 7-1. The
results of the numerical analyses are shown in Figure 7-6 for three shear deformation values γeff = 0.05,
0.10 and 0.15 rad. Increase in stiffener thickness led to increase in shear resistance, with the largest
increase of 11% from the base model at γeff = 0.15 rad. Since the web stiffening did not significantly con-
tribute, the shear resistance increase was caused by the bending of the stiffeners at the flange interface.

7.5 Influence of Effective Length on Shear Resistance

The effective length of the base model was varied as summarized in Table 7-1 with the remaining cross
sectional properties of the base model constant. In all cases, shear dominated the link behavior as indicated
by the lowest shear capacity ratio for the longest effective length of 2Mp/(eVp) > 1.6, which was well
above the AISC Seismic Provisions minimum design criteria of 1.25. Although no stiffeners were used,
web buckling did not contribute to the response during the monotonic application of link deformation. The
results of the analyses are shown in Figure 7-5 and indicate a significant increase in shear resistance for
short links. The influence of the effective length quickly diminished with increased length.

7.6 Shear Strength of Built-Up Shear Links

Estimating the maximum value of the shear strength that can develop within the effective length is impor-
tant in obtaining a realistic value of overstrength as discussed in Section 1.2.2. The experimental as well as
the numerical investigations showed that a constant value used to estimate the maximum shear resistance
as used in the AISC Seismic Provisions is not optimal and at the current definition can also be unconserva-
tive. In addition to the influence of the material stress-strain, influence of flanges and stiffeners were
shown to influence the strength as shown by the parametric study. This section outlines the development of
a rational equation that can be used to calculate the maximum shear resistance of built-up shear links. The
methodology is based on the numerical as well as experimental results and accounts for the contributions
of the different link components as well as the material stress-strain characteristics.

7.6.1 Development of Equation

The total shear resistance of a built-up shear link can be superimposed from the individual influences of the
web, flange and stiffener contributions. This can be expressed by the sum in Equation 7-1, where Vpw is the
web contribution, Vpf is the contribution of the flanges and Vps is the stiffener contribution to the total plas-
tic shear strength Vpt.

Vpt = Vpw + Vpf + Vps (7-1)
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The web contribution can be obtained from Equation 1-10 and recalculated for convenience in Equation 7-
2, where fyw is the yield strength of the web steel, hw and tw are the web height and thickness respectively.

(7-2)

The built-up section is not specified by the depth d as is the case for rolled sections. The web height is a
more convenient parameter than the section depth, because the cross section is combined from plate sizes
that correspond to the web height.

The flange contribution to the total shear strength is based on the observations from experiments as well as
the results from numerical modeling and considers the plastic strains in the flanges at the ends of the effec-
tive length. To help visualize the plastic strains and the distribution for different flange thicknesses, the
numerical models used in Section 7.3.2 were utilized. The maximum principal strains in the flanges are
shown in Figure 7-8 for γeff = 0.15 rad. For thin flanges, plastic strains mainly concentrated on the outside
surface of the flange and did not extend through the depth. For thick flanges, the plastic strain distribution
formed two different patterns. The strains in the tension flange were dominated by tensile plastic strains,
while the compression flange developed both compressive as well as tensile plastic strains. 

Based on these observations of flange plastic strain distribution, an idealized flange deformation mecha-
nism was developed for the case of thick flanges where the influence is the largest. The plastic strain pat-
terns were idealized based on an elasto-plastic stress-strain relationship as illustrated in Figure 7-9. The
tension flange was assumed to develop tensile yield stress through the full thickness of the flange. The
force developed from these stresses was assumed to be resisted by the compression force C1 provided by
the web interface. The force couple results in a moment Mpf1 as expressed by Equation 7-3, where fyf is the
yield strength of the flange steel, b is the flange width and tf is the flange thickness.

(7-3)

The plastic strains in the compression side of the flange were idealized as a plastic hinge as illustrated in
Figure 7-9. The force couple results in a plastic moment Mpf2 about the center of the flange as expressed by
Equation 7-3.

(7-4)

The numerical results in Figure 7-8 showed that the peaks of the localized plastic strains occur just inside
the effective length. From the design perspective, it is convenient to assume that the location of the flange
plastic moments occurs consistently one flange thickness inside the ends of the effective length. From
equilibrium shown in Figure 7-9, the shear contribution from the flanges can then be expressed using
Equation 7-5.

(7-5)
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Figure 7-8: Flange Plastic Zone at End of Effective Length
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The stiffener contribution to the total shear was derived based on the observed formation of plastic hinges
at the flange connections. The plastic moment Mps developed from these hinges is illustrated in Figure 7-
10 and expressed by Equation 7-6, where fys is the actual yield strength of the stiffener steel, b is the flange
width and ts is the stiffener thickness.

(7-6)

Figure 7-9: Illustration of Flange Contribution to Link Shear Resistance
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This formulation assumes that the stiffeners are provided for the entire width of the flange and ignores any
reduction in area due to stiffener chamfers. The moment was observed to form at each end of the interme-
diate stiffener, next to the flange connection. From equilibrium taken at the assumed location of flange
moments as shown in Figure 7-10, the shear contribution from the stiffeners can be expressed using
Equation 7-7, where ns denotes the number of intermediate stiffeners within the effective length.

(7-7)

Substituting Equation 7-2, Equation 7-5 and Equation 7-7 into Equation 7-1, results in the expression for
the total plastic shear strength Vpt of a built-up shear link in Equation 7-8.

(7-8)

7.6.2 Equation Comparison to FEM Analyses

The expression in Equation 7-8 does not account for material post-yield behavior other than assuming a
simple elasto-plastic relationship. As such, the equation is applicable to the elasto-plastic finite element
models analyzed in the parametric study. The total plastic shear strength Vpt was calculated using
Equation 7-8 for all of the built-up shear link variations listed in Table 7-1. The calculated values of Vpt are
compared to the results from the non-linear numerical analyses  γeff = 0.15 rad in Figure 7-11. 

The calculated plastic shear strength followed the trends shown by the detailed numerical models in all
cases. The shear increased linearly with flange yield strength based on the linear proportionality to fyf and
followed a quadratic increase with increase in flange thickness based on the quadratic proportionality to tf.
The trend was also consistent with the numerical results for the influence of stiffeners, although the equa-
tion did underestimate the resistance in those cases by approximately 5%. The significant influence of the

Figure 7-10: Illustration of Stiffener Contribution to Link Shear Resistance
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Figure 7-11: Comparison of Shear Formula to Numerical Analyses Results
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effective length for short links was also reflected based on the inverse proportionality to e. The developed
idealized relationship of Equation 7-8 for determining the plastic shear resistance of built-up shear links
captured the trends as well as the shear values of the different built-up geometries.

7.6.3 Incorporating Material Stress-Strain Behavior

The results of the material cyclic stress strain behavior by Dusicka et al (2004) can be incorporated into the
formulation of the plastic shear strength in order to account for the material cyclic stress-strain properties.
It is recognized that a built-up shear link is not subjected to the same axial strains as the tested coupons, but
instead to plastic multi-axial strains that are dominated by shear. Nonetheless, one of the ways to estimate
the plastic strain demand is to follow the plane strain relationship between principal strains and pure shear,
whereby the principal strains are half the amplitude of pure shear. In the case of shear link deforming to
γeff = 0.15 rad, the principal strains could be estimated as ε = 0.075, which is approximately the largest
cyclic amplitudes considered for the material investigation. Again this is only an approximation, but it does
provide an estimate of the strain level in the deformed shear link to show that the strain amplitudes used for
the coupon testing are within the range of interest for built-up shear links.

For calculating the plastic shear resistance of built-up shear links subjected to repeated plastic deforma-
tions, the maximum stresses obtained from the coupon experiments can be applied to Equation 7-8 instead
of the yield stresses of the individual plates. The cyclic stress factor Rc can be used to modify the yield
strength of the different grades of steel. The resulting equation for the plastic shear resistance Vptc that is
based on cyclic material behavior is shown in Equation 7-9, where Rcw, Rcf and Rcs correspond to the
cyclic stress factors for the web, flange and stiffener steels.

(7-9)

The yield strengths fyaw, fyaf and fyas represent the actual yield strength of the steel plates. The cyclic stress
factors were obtained for the different grades of steel and strain amplitudes from study by Dusicka et al
(2004). Two levels of shear deformation were considered, γeff = 0.08 rad for level of deformation expected
in the AISC Seismic Provisions and the maximum achieved deformation of the individual links, which var-
ied. The corresponding Rc factors based on the steel grade and deformation level are summarized in
Table 7-2.

Table 7-2: Cyclic Stress Factors at Specific Shear Deformation Levels for Tested Shear Links

Link Shear
Deformation

Link Type

C345a C345b H485 L100 L225 X100

Steel Grade Within
Effective Length

A709 
Grade 

345 MPa
(50 ksi)

A709 
Grade 

345 MPa
(50 ksi)

A709
HPS 

485W
(70 ksi)

LYP
100 MPa
(14.5 ksi)

LYP
225 MPa
(33 ksi)

Web: LYP
100 MPa, 
Flange:

HT 440 MPa

Vptc 0.6Rcwfyawtwhw
3Rcffyafbtf

2 nsRcsfyasbts
2+

2 e 2tf–( )
---------------------------------------------------------------+=
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The plastic shear strength Vptc based on cyclic stress-strain material properties was calculated using
Equation 7-9 and cyclic stress factors in Table 7-2 for the link types that were tested using the large-scale
experiments. The results are shown in Table 7-3, where the contributions of the web, flange and stiffeners
are also shown as a ratio to the total shear resistance. In all cases, the web was the largest contributor to the
shear strength, with the stiffeners contributing the least for the built-up shear link geometries considered.

The calculated plastic shear strength values were compared in Table 7-4 and graphically in Figure 7-12 to
the results from detailed finite element models discussed in Section 6.3. The comparison was made using
the ratio Vptc/Vnum, where Vnum is the shear resistance obtained from the numerical models at shear defor-
mations of γeff = 0.08 rad. A close correlation of the shear resistance was obtained, where the calculated
plastic shear resistance was within 2% of the shear resistance in the numerical models at both levels of
deformation.

Rc at γeff = 0.08 rad 1.83 1.83 1.33 4.38 1.56 4.38 (web)
1.34 (flanges)

Rc at γmax
* 1.94 1.89 1.40 5.00 1.80 5.27 (web)

1.64 (flanges)

* maximum achieved deformation γmax as summarized in Table 5-3

Figure 7-12: Comparison of Equation and FEM analyses at γeff = 0.08 rad
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The calculated plastic shear strengths were also compared to the shear resistance recorded during the
experiments Vexp under incrementally increasing cyclic deformation history for γeff = 0.08 rad and the
maximum achieved γmax for each case. The results are summarized in Table 7-5 and graphically in
Figure 7-13 and Figure 7-14. The ratio Vptc/Vmax indicates the relative magnitudes of the shear calculated
from the developed equation with respect to the experimentally obtained values, where unity represents an
exact correlation. Despite the different materials and different link geometries, the calculated plastic shear

Table 7-3: Plastic Shear Strength of Tested Built-up Shear Links

Deformation
History

Link Type

C345a C345b H485 L100 L225 X100

Detailed
Figure

Figure 2-1 Figure 3-1 Figure 4-1

Measured from
Coupons Tests
fya, MPa (ksi)

353
(51.2)

353
(51.2)

503
(73.0)

76.5
(11.1)

242
(35.1)

76.5 (11.1)
& 501 (72.7)

Vptc, kN (kip)
at γeff = 0.08 rad

2558
(575)

2611
(587)

1884
(423)

4462
(1003)

2352
(529)

2290
(515)

Vptc, kN (kip)
at γmax

2712
(610)

2768
(622)

1983
(446)

5093
(1145)

2714
(610)

2757
(620)

Web Contribution
RwcVpw/Vptc

0.91 0.89 0.92 0.87 0.91 0.94

Flange Contribution
RfcVpf/Vptc

0.07 0.09 0.06 0.13 0.09 0.06

Stiffeners Contrib.
RscVps/Vptc

0.02 0.01 0.02 0 0 0

Table 7-4: Comparison of Plastic Shear Resistance to Finite Element Analyses Results

Deformation
Level

Strength Link Type

C345a C345b H485 L100 L225 X100

γeff = 0.08 rad

Vnum,
kN (kip) 2571

(578)
2624
(590)

1873
(421)

4394
(988)

2353
(523)

2280
(513)

Vptc/Vmum 1.01 1.00 1.00 1.02 1.00 1.00
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corresponded closely to the experimental results, indicating a close relationship of the calculated plastic
resistance to the experimentally measured maximum values.

The calculated plastic shear strength was within 10% of the experimentally measured values in all cases,
except for the shear links L100 and X100. The larger calculated strengths of those links were caused by the
cyclic characteristics of low yield point steel used for the webs. As discussed by Dusicka et al (2004), the
cyclic hardening behavior of LYP 100 MPa (15 ksi) does not stabilize as rapidly as the structural grade
steels. Under the deformation history imposed on the shear links, where the deformation continuously
increased, the stress of LYP 100 MPa (15 ksi) was not as cyclically hardened as it would have been under
repeated deformations of the same amplitude. The factor Rc is based on the maximum cyclic stress devel-
oped under the repeated deformations of constant amplitude, whereas the deformation history of the shear
links continued to increase in magnitude after just one cycle for large deformations. Hence, the Rc factor
overestimated the cyclic stress in the shear links for LYP 100 MPa (15 ksi) steels. The other grades were
not as affected as the cyclic stress was found to stabilize much more rapidly.

The developed equation was also applied to results of experiments on built-up shear links that were
reviewed in Section 1.4. Since Rc values for the specific steels were not available for BU30 and BU16, the
value of A709 Grade 345 MPa (50 ksi) was used due to the similarity in the steel grade to those used for
the tests. The results of the calculations are shown in Table 7-6 along with the relative contributions of the
web, flanges and stiffeners. The calculated plastic shear capacity was within 10% of the experimental
results. The equation does provide conservative estimates of the maximum shear resistance. The flange
thickness of BU16 and the short effective length of SFOBB Type 3 as relative to the depth resulted in sig-
nificant influence of the flanges to the strength reaching up to 10%. In all cases, the stiffeners had a minor
influence. The results indicate that the expression for determining the plastic shear resistance Vptc can be
an effective method of estimating the shear strength of the tested built-up shear links subjected to cyclic
loading. 

Table 7-5: Comparison of Plastic Shear Resistance to Experimental Results

Deformation
Level

Strength Link Type

C345a C345b H485 L100 L225 X100

γeff = 0.08 rad
Vexp,

kN (kip)
2526
(568)

2797
(629)

1749
(393)

3687
(829)

2132
(479)

1938
(436)

Vptc/Vexp 1.01 0.94 1.08 1.21 1.10 1.18

γmax

Vexp,
kN (kip)

2560
(576)

2885
(649)

1815
(408)

4218
(948)

2522
(567)

2327
(523)

Vptc/Vexp 1.06 0.96 1.09 1.20 1.08 1.18
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Figure 7-13: Comparison of Equation and Experimental Results at γeff = 0.08 rad

Figure 7-14: Comparison of Equation and Experimental Results at γmax   
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7.7 Accounting for Overstrength

In general, overstrength in shear links is a ratio of the actual shear strength to the expected shear strength.
As discussed in Section 1.1.2, the AISC Seismic Provisions simplify the expected shear strength to the
shear strength of the web in Equation 1-2 and apply a constant factor to account for all contributive factors
of overstrength. Based on the experimental and analytical study of built-up shear link cyclic behavior, an
improved expression of overstrength accounting for individual contributions is introduced. Combining the
contributions of variability in yield strength and inelastic steel behavior, the actual strength accounting for
overstrength can be expressed by Equation 7-10.

(7-10)

Vnom is the nominal yield strength and the factor Ro accounts for the total contribution to overstrength,
which consists of the material yield strength variability factor Ry and the cyclic stress factor Rc.

Table 7-6: Comparison of Maximum Shear Resistance to Built-up Shear Links Tested by Others

Parameter
Link Type

RSRB
BU30

RSRB
BU16

SFOBB
Type 1

SFOBB
Type 3

Coupon Yield Strength
fya, MPa (ksi)

372
(54)

372
(54)

354
(51)

354
(51)

Rc corresponding
to γmax *

1.83 1.89 1.75 1.77

From Equation 7-9
Vptc, kN (kip)

3040
(683)

1523
(342)

9844
(2213)

10174
(2287)

Web Contribution
RcVpw/Vptc

0.92 0.88 0.91 0.89

Flange Contribution
RcVpf/Vptc

0.05 0.10 0.07 0.10

Stiffener Contrib.
RcVps/Vptc

0.03 0.02 0.02 0.01

From Experiments
Vmax, kN (kip)

2780
(625)

1446
(325)

9363
(2105)

9919
(2230)

Vptc/(Vmax)* 1.09 1.05 1.05 1.03

* maximum achieved deformation obtained from summary Table 1-1

Vo RoVnom RyRcVnom= =
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7.7.1 Nominal Shear Strength

Commentary in previous editions of the AISC Seismic Provisions (AISC 1997) pointed to the possibility
of high overstrengths in links with relatively thick flanges. The flange and stiffener contribution to the
shear resistance was shown to have an influence on shear strength in this study, leading to the development
of a more refined expression for the expected shear strength in Equation 7-8. As an alternative to including
the flange and stiffener influence as part of overstrength, the nominal shear strength Vnom can be defined.
Nominal shear strength is based on specified material strengths. Rewriting Equation 7-8 for built-up shear
links in which components are fabricated from the same steel grade becomes Equation 7-11.

(7-11)

Overstrength, which is the shear strength beyond the nominal shear, can be attributed to fabrication toler-
ances and material characteristics.

7.7.2 Tolerances

Plate size variation and construction tolerances in steel fabrication are significantly more stringent than for
any other types of structural construction materials. In concrete for example, the location of rebar can vary
significantly from the design intent to the as-built condition. In steel fabrication, some variations do occur
but are relatively minor. Welding can distort plate dimensions through the heating and cooling processes
for example, but connections of members would be difficult to achieve especially with connections involv-
ing intricate bolt groups if large deviations from design existed. The variability in dimensions of the speci-
mens is considered to provide an insignificant contribution to the structural behavior.

7.7.3 Material Characteristics

The characteristics of the steel can influence the resistance by the variability in yield strengths and the
material inelastic behavior. The variability of yield strength from nominal to actual values was accounted
for in this study by using the actual yield strength of the steels. In design codes this variability is accounted
for by the Ry multiplier, which for plate steels is Ry = 1.1.

Material inelastic behavior that can contribute to the link overstrength include strain hardening and cyclic
hardening of the material. Both of these types of behavior are inherent in the cyclic stress modification fac-
tor Rc, which are summarized in Table 7-2.

7.8 Summary

A series of parametric studies were conducted using numerical models to investigate secondary contribu-
tions to the built-up shear link strength. The numerical results showed that the flange, stiffeners and effec-
tive length influence the link shear strength. An expression for calculating the plastic shear resistance was
developed based on the observations from the numerical modeling and independent of the large-scale shear
link experiments. The developed equation for the plastic shear resistance followed the trends and magni-
tudes well with the shear resistance obtained from the detailed numerical analyses.

To account for the contribution of the steel stress-strain behavior, the results from the coupon experiments
were utilized to incorporate a cyclic stress multiplication factor. The value of the multiplication factor is

Vnom fy 0.6twhw
3btf

2 nsbts
2+

2 e 2tf–( )
------------------------------+

⎝ ⎠
⎜ ⎟
⎛ ⎞

=
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highly dependant on the steel grade. A close correlation was shown between the calculated plastic shear
resistance and the maximum shear obtained during the large-scale experiments as well as experiments con-
ducted by others. Hence, the developed expression for calculating plastic shear resistance was found
appropriate for estimating the maximum shear resistance of built-up shear links.
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SECTION 8
BUILT-UP SHEAR LINK DESIGN RECOMMENDATIONS

8.1 General Requirements

The eccentrically braced frame portion of the AISC Seismic Design Provisions for Structural Steel Build-
ings (2002) were used as the foundation for developing the design recommendations contained herein.
These recommendations are based on the results and observations from the research. This section outlines
the design recommendations for built-up shear links.

8.1.1 Design Philosophy

Built-up shear links are expected to deform inelastically when subjected to forces from large earthquakes.
The design philosophy is to contain the inelasticity to within the effective length and limit the forces and
moments generated by the shear link. The effective length can be created using eccentrically placed braces
or reductions in shear strength in a segment via thinner web plates or lower yield strength steels.

8.1.2 Steel Grades

Based on the experimental study, Table 8-1 lists the steels that can be used for seismic applications. It
should be noted the specified yield strength for ASTM specifications is a minimum, whereas lower yield
strengths than the specified value may occur for low yield point steels LYP 100 MPa (15 ksi) and LYP
225 MPa (33 ksi). In the absence of coupon tests, the ratio of expected yield strength to the specified yield
strength is given by Ry, which for plate steels remains constant. The cyclic stress multiplication factor is
given by Rc and depends on both the steel grade and the design shear deformation of the effective length
γeff. Two values of shear deformation are given and linear interpolation can be used for intermediate val-
ues.

8.1.3 Section Compactness

The shear link cross sectional properties shall satisfy the following compactness ratios

(8-1)

(8-2)

where:

b = flange width, mm (in)
tf = flange thickness, mm (in)
hw = web height, mm (in)
tw = web thickness, mm (in)
E = elastic modulus, MPa (ksi)

b
2tf
------ 0.3 E fy⁄≤

hw
tw
------ 3.14 E fy⁄≤
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8.2 Shear Link Effective Length

The effective length of a built-up shear link shall be symmetric about the principal axis. The web of the
link shall be a single web thickness and be free of any penetrations.

Unless otherwise noted, the required shear strength shall not exceed the design shear strength φVnom,
where:

φ = resistance factor = 0.9

Table 8-1: Steel Grades

Property

Steel Specification

ASTM 
A709M 

Grade 345W

ASTM 
A709M HPS 

485W

BT-
HT440C*

BT-
LYP100*

BT-
LYP225*

Specified
Yield Strength, fy

345 MPa
(50 ksi)

485 MPa
(70 ksi)

440 MPa
(64 ksi)

100 MPa
(14.5 ksi)

225 MPa
(32.5 ksi)

Expected to 
Nominal Yield 
Strength Ratio, 

Ry

1.1

Cyclic Stress 
Multiplication 

Factor, Rc
at γeff = 0.08 rad

1.8 1.3 1.3 4.4 1.6

Cyclic Stress 
Multiplication 

Factor, Rc
at γeff = 0.15 rad

2.0 1.4 1.5 4.9 1.7

* Nippon Steel (Japan) Specification

Vnom Vw Vf Vs+ +=

Vw 0.6fywtwhw=

Vf
3fyfbtf

2

2 e 2tf–( )
-----------------------=

Vs
nsfysbts

2

2 e 2tf–( )
-----------------------=
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fyw , fyf, fys = the nominal yield strength of the web, flange and stiffener steels respectively as given
in Section 8.1.2

ns = number of intermediate stiffeners

ts = stiffener thickness, mm (in)

The nominal plastic flexural strength Mnom shall satisfy

(8-3)

where:

fyf = nominal yield strength of the flange steel given in Section 8.1.2
e = effective length, mm (in)

The maximum design shear deformation, which is measured by the rotation angle γp between the plasti-
cally deformed effective length and the undeformed shape, shall satisfy the following criteria:

• γp ≤ 0.15 rad for built-up shear links without intermediate stiffeners, otherwise
• γp ≤ 0.08 rad for built-up shear links with intermediate stiffeners.

8.3 Stiffener Requirements

Stiffener requirements were not the subject of this study, but the applicable recommendations from the
AISC Provisions were shown to be applicable for the cases considered.  Full-depth end stiffeners shall be
provided at the ends of the effective length on both sides of the web. These stiffeners shall have combined
width of not less than (b - 2tw) and thickness not less than tw or 10 mm (3/8 in), whichever is larger.

Intermediate web stiffeners need not be used if the web dimensions satisfy the following criteria:

• web compactness ratio hw/tw≤20.
• effective length web aspect ratio e/hw ≤ 2, and

Otherwise, the AISC Seismic Provisions are applicable where the intermediate web stiffeners shall be pro-
vided and are required only on one side for web heights less than 635 mm (25 in). These stiffeners shall
have minimum width of (b/2 - tw) and thickness not less than 0.75tw or 10 mm       (3/8 in), whichever is
larger. The stiffener spacing a shall satisfy

1.6Mnom eVnom≥

Mnom fyfbtfhw fyw
twhw

2

4
-------------+=
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(8-4)

8.4 Connections and Members Outside the Effective Length

The built-up shear link connections and members outside the effective length shall be designed for the
maximum forces and moments generated by the plastic shear resistance of the built-up shear link Vo, where

Row , Rof ,Ros = overstrength factors Ro for the web, flange and stiffener steels respectively
Ro = Ry Rc as listed in Table 8-1 for the different steel grades and shear deformations

a 52tw
hw
5

------–⎝ ⎠
⎛ ⎞≤

Vo RowVw RofVf RosVs+ +=
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SECTION 9
CONCLUSIONS

9.1 Conclusions

The following conclusions can be drawn based on the results of the research on hysteretic built-up shear
links that included large-scale experiments and detailed nonlinear finite element analyses.

9.1.1 General Conclusions

• As shown by others, built-up sections are a viable design option for shear links, allowing the
designer greater autonomy with regard to the choice of link geometry and material selection.
They are effective hysteretic devices that exhibit ductile cyclic response without strength deg-
radation and achieve capacities exceeding the AISC Seismic Provisions for links from rolled
steel sections.

• The failure mode for built-up shear links with intermediate stiffeners is characterized by web
tearing that initiates with cracks in the web steel, next to the ends of the stiffener to web welds.
The cracks in these locations are caused by a combination of plastic strain concentration and
the effects of the welding process.

• The deformation capacity of built-up shear links designed using high performance steel A709
HPS 485W (HPS 70W) is similar to the deformation capacity of built-up shear links designed
using conventional A709 Grade 345 MPa (50 ksi) steel. It follows that high performance steel
is suitable for seismic applications.

• Significant improvement in the deformation capacity of built-up shear links is achieved by
eliminating intermediate stiffeners from the effective length and using low yield point steels to
decrease the web compactness.

9.1.2 Conclusions for Design

• Eliminating intermediate stiffeners reduces the plastic shear strains in the web and removes
welds from the web surface, thereby changing the failure mode and delaying the ultimate fail-
ure.

• Accurate estimation of overstrength in built-up shear links is required to protect connections
and adjacent members.

• Variability of ultimate shear resistance in built-up shear links is primarily due to the steel
cyclic properties with minor contribution from the link geometry. The link geometry contrib-
utes to the shear resistance primarily through the dimensions of the effective length, flange
thickness and the number of stiffeners.

• Monotonic deformation response of a finite element model that incorporates the cyclic stress-
strain material properties can approximate the backbone curve of a cyclic response of the shear
link.

• The plastic shear resistance of built-up shear links of varied cross-sectional dimensions and
material composition may be conservatively estimated using the developed relationship
(Equation 7-9), which incorporates cyclic material properties and link dimensions.

• Based on limited data, the cumulative plastic shear deformation appears to be a useful param-
eter in predicting failure of built-up shear links under different load deformation histories.
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9.1.3 Conclusions for Construction

• Welding on the outside flange at the ends of the effective length should be avoided to reduce
flange cracking. Plastic strains occur in these locations and are caused by flange bending that
forms to accommodate the transition from the elastic connection zone to the plastically
deformed effective length.

• Hybrid shear links improve cyclic performance while reducing fabrication costs. The use of
low yield point steels for the web can eliminate stiffeners and the use of high strength steels
for flanges can reduce material while providing sufficient moment resistance.
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A.1 Overview

This appendix describes the laboratory layout, fabrication and installation of the test setup and calculations
necessary for measuring shear link performance. The test setup utilized tower sections of the new San
Francisco-Oakland Bay Bridge (SFOBB).

A.1.1 General Arrangement

The tower of the suspension span portion of the SFOBB bridge consists of four shafts that are pentagonal
in cross-section and interconnected by shear links. The shear links are distributed in 20 levels throughout
the height of the tower. A typical section showing the tower shaft-to-link assembly at one of these levels is
shown in Figure A-1. Due to the different response characteristics in the principal horizontal directions of
the bridge, a single shear link connects adjacent shafts in the longitudinal direction while two parallel shear
links connect adjacent shafts in the transverse direction. Sections of two tower shafts were fabricated at
half-scale to replicate the conditions of both of these tower-to-shear link assemblies in the laboratory.

The shafts were placed on their sides parallel to the laboratory floor as shown in Figure A-2. Hollow
square box extensions were welded to the South end of the pentagonal sections to provide additional length
as well as a flat sliding surface within the safety restraint. Teflon was used between the sliding surfaces to
minimize friction. Each tower shaft was connected to concrete reaction blocks at the North end using large
pins. The concrete blocks were post-tensioned to the laboratory floor. A strut with pinned connections was
installed at the South end of the test setup between the two shafts. MTS made actuator model no. 243.100T
with ±3115 kN (±700 kip) capacity, was attached to the west box extension. The resulting assembly formed
a pinned mechanism in which the shear links were installed. 

Two different test setup configurations were possible and are referred to as the Longitudinal and Trans-
verse test setups according to the shaft orientation with respect to the bridge. To change from one configu-
ration to the other, the shafts were rotated 90° along their principal axis and switched East to West. The
overall dimensions of the test setup arrangements are shown in Figure A-2(a). The main difference was the

Figure A-1: Rendering of SFOBB Tower Shaft Assembly
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Figure A-2: Laboratory Arrangement of the Test Setup
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orientation of the shafts, the distance between the shafts and the link connection details. The major advan-
tage of utilizing the towers shafts in the test setup were the bolted connections between the shear links and
the rest of the test setup, thereby allowing link replacement without field cutting and welding.

A.1.2 Tower Shaft Description and Fabrication

Replicas of the tower shafts were designed by T.Y. Lin International in San Francisco. The test setup,
including the shaft replicas, was fabricated by Christie Constructors Inc. of Richmond, CA. Quality control
for the fabrication and welding was conducted by Testing Engineers Inc. of Oakland, CA, and quality
assurance by Caltrans representatives from Law Crandall of San Diego, CA. The half-scale SFOBB shaft
sections were 2.5 m (8.20 ft) long and were made from stiffened plates into pentagonal sections representa-
tive of the tower at 89 m (292 ft) elevation. The skin plate thicknesses varied along the perimeter between
30 mm (1.18 in) to 50 mm (1.97 in) and were reinforced by 35 mm (1.38 in) thick stiffeners. Doubler plates
were welded to the skin plates at the location of shear link connections as illustrated in Figure A-3. Hori-
zontal internal shaft diaphragms were welded in plane with the shear link flanges to facilitate load transfer
from the link to the shafts.

Figure A-3: Tower Shaft Details
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The design provided for challenging fabrication with special attention required to the welding sequence.
Each shaft was fabricated as follows:

1. The diaphragm assembly, which consisted of two pre-drilled diaphragms and diaphragm stiff-
ening plates, was welded together.

2. Stiffened skin plates A through E were individually welded along with the stiffeners.
3. Slot openings were made in skin plates A and E between the splice plate openings to allow 

access for welding the stiffener of the diaphragm assembly.
4. Diaphragm connector plates were welded to stiffeners of skin plates C and D.
5. The diaphragm assembly was welded to the diaphragm connector plate of skin plate D.
6. The remaining reinforced skin plates were tack welded around the diaphragm in the order E, 

A, B and C.
7. The seams connecting the skin plates were welded using double bevel full penetration weld. 

Where access was restricted to only one side, i.e. at the locations of the diaphragms, a single 
bevel full penetration weld had to be made.

8. The diaphragm was welded around the perimeter to the skin plates and stiffeners from inside 
the shaft.

9. The diaphragm stiffener was welded using the slots in skin plates A and E.
10. Doubler plates were fillet welded and bolt holes drilled in the location of the shear link con-

nections.

A.1.3 Typical Shear Link Layout

To allow for the shear link bolted connections, each shear link consisted of three distinct regions as shown
in Figure A-4; the deformable length in the middle and two connection zones at the ends. The link connec-
tion zone was designed to remain elastic by incorporating higher strength steel or thicker plates to compen-
sate for the reduction in net area from the bolt holes. Each link bolted to the tower shafts using splice plates
for the flanges and angles for the webs. The splice plates extended inside the shafts and bolted to the dia-
phragm, while the angles connected the web to the outside skin plate.

Figure A-4: Typical Shear Link Layout
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A.1.4 Steel and Bolt Grades

The shaft diaphragms, splice plates and connection angles were made from ASTM A709 grade 485 MPa
(70 ksi) high performance weathering steel. The remainder of the test setup was made from ASTM A709
grade 345 MPa (50 ksi) steel. All bolts connecting the link to the tower shafts were M16 - A490 grade with
threads excluded from the shear planes. The M16 bolts were tightened by a torque wrench that was cali-
brated to the required bolt pretension force of 107 kN (24 kip) as specified in the Manual of Steel Con-
struction (AISC 2001). The calibration of the wrench was conducted by tightening a bolt between two
representative splice plates and measuring the force using a load cell.

A.2 Installation

Majority of the test setup was fabricated in Richmond, CA, and transported to the structures laboratory at
the University of Nevada, Reno. This section reviews the erection and some of the installation issues
encountered.

A.2.1 Test Setup Erection Sequence

The erection of the test setup illustrated in Figure A-2 was conducted in the following order:

1. Concrete reaction blocks were positioned on the laboratory floor and the voids between them 
filled with grout.

2. Vertical post-tensioning using 45 mm (1.75 in) diameter Dywidag rods was used to secure the 
reaction blocks to the laboratory floor.

3. Steel brackets were installed at the North end of the towers and were post-tensioned horizon-
tally to the concrete blocks.

4. Bottom portion of the safety restraint was post-tensioned to the floor.
5. The tower shafts were bolted to the brackets against the reaction blocks at the North end.
6. The West tower shaft was bolted to the actuator, which was then used to position the shaft as 

needed.
7. The pinned strut was bolted between the shafts.
8. Top beam of the safety restraint was bolted to enclose the tower shafts.

A.2.2 Typical Shear Link Installation Sequence

Each shear link connection zone was drilled prior to each experiment in order to ensure proper fit. As illus-
trated in Figure 7, the following sequence of steps was required for successful installation of each shear
link due to tolerance and potential interference issues:

1. Bolts were pre-installed in the skin plate of the tower shafts.
2. The full-width flange splice plate and one flange splice plate at the inside flange face were 

bolted to the shaft diaphragm.
3. One web angle was bolted onto the skin plate on the same side as the inside flange splice plate.
4. The other inside face flange splice plate was pushed inside the tower and flush with the skin 

plate.
5. The shear link was slid into place.
6. The splice plates on the inside flanges were pulled from inside the tower and bolted to the 

tower diaphragm.
7. The remaining web angles was bolted to the skin plate.
178



8. The link was clamped and holes marked with a portable magnetic drill using the splice plates 
and web angles as templates.

9. The link was removed and holes drilled according to the marked locations.
10. The link was installed by repeating steps 4 through to 8.
11. All bolts were installed and torqued.

A.2.3 Installation Issues

A number of issues were encountered during installation of the shear links and related to the tower shaft
designs. These were mainly related to the lack of accessibility or space in parts of the tower shafts.

A.2.3.1 Access to Skin Plate Bolts

Majority of the bolt holes in the skin plates were not accessible from inside the tower shaft because the
holes were located between the shaft diaphragms and were often hidden behind numerous stiffeners. As a
result, the bolts had to be placed into the holes from outside the shaft prior to shear link plate installation.
They were then retrieved using fishing wire that was attached to 3 mm (0.12 in) machine screws that were
drilled and tapped at the ends of the threaded end of each bolt. These small screws did not affect the func-
tionality of the bolts during the test, but this method would not be considered as sound bridge construction
practice.

Figure A-5: Shear Link Installation
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A.2.3.2 Field Welding of Web Stiffeners

Variation from the general procedure of shear link installation was needed for the shear link in the longitu-
dinal test setup. In this case, the flange splice plate on the inside face of the link flange could not be pushed
inside the tower shaft due to interference with internal tower stiffeners. The splice plates also could not be
installed after the link was in place due to interference with the shear link stiffeners. As a result, the link
stiffeners had to be removed on one side such that the link could be drilled and bolted into place. The stiff-
eners were then field welded back after the bolts were torqued.

A.2.3.3 Flange Splice Plate Clearance

Design details of the inside flange splice plates for the transverse assembly indicated 5 mm (0.2 in) clear-
ance between the splice plates and the stiffener inside the tower connecting the web diaphragms as shown
in Figure A-7. However, the presence of welds at that location exceeded this tolerance and prevented
installation of the inside flange splice plates. The inside corners of the splice plates were ground to provide
adequate clearance for installation.

A.2.3.4 Bolt Accessibility

Tightening of bolts inside the tower shafts as well as in the link connection regions was shown difficult for
certain bolt groups. Inside the tower, bolts were located close to the skin plate and next to the skin plate
stiffeners. While the socket was able to reach all of the bolts, the process of turning the wrench during
torquing was restricted to a few degree turns at a time. The wrench either hit the stiffener next to the bolt or
the stiffeners on other sides of the tower shafts as shown in Figure A-8(a). Shorter wrench would not pro-
vide sufficient lever arm for applying the required torque. Also, flange bolts closest to the skin plate within
the link connection zone were not accessible as shown in Figure A-8(b). Rigs and jamming devices had to
be used to hold the nut during the bolt tightening process. As a result, installation and torquing the bolts
became a laborious and time consuming process.

Figure A-6: Tower Shaft Section Showing Locations of Inaccessible Bolt Areas
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Figure A-7: Ground Corners of Flange Splice Plates

(a) Wrench Access Inside Tower                      (b) Bolt Access at Connection Joint
Figure A-8: Bolt Accessibility Issues
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A.3 Measuring Shear Link Performance

The link shear forces were determined indirectly using the applied actuator force and accounted for friction
and test setup geometry. The link shear deformation was measured directly and independent of any con-
nection slippage or test setup flexibility.

A.3.1 Friction Resistance

The gravity loads of the shafts were supported by sliding surfaces of steel on teflon. To quantify the fric-
tion resistance, tests were carried out on the test setup mechanism without any shear links. The actuator
displacement was applied at the same rate as during the shear link experiments. The actuator displacement
range encompassed the maximum measured values during the shear link tests, approximately ±300 mm
(11.8 in) and ±150 mm (5.9 in) for the Transverse and Longitudinal test setups respectively. The average
friction resistance, Ff, for the two test setups are summarized in Table A-1.

The corresponding friction coefficient values are 0.18 and 0.25 for the transverse and longitudinal test
setup respectively under the assumptions that the tower legs and the actuator self weight imposed 280 kN
(63 kip) force onto the bearing surface of the safety restraint. This force was determined from statics and an
approximate weight of 343 kN (77.0 kip) for the two tower legs and 82 kN (18.5 kip) for the actuator.
Given the slow application of load, these values correspond well to the approximate static friction coeffi-
cient of 0.2 between steel and teflon. The friction for the Longitudinal test setup was higher because the
sliding surface of the box extension included welds that protruded into the teflon surface. For the Trans-
verse test setup, the bearing surfaced was flat and without welds or other protrusions.

A.3.2 Calculation of Link Shear

Link shear V was calculated based on the geometry and the actuator force F. The actuator force was
recorded by MTS calibrated P-delta axial load cell and was positive for the push and negative for the pull
force. The friction resistance was subtracted from the applied load for movement towards the East direc-
tion and added for movement towards the West. Based on the geometry shown in Figure A-2, the shear can
be related to the actuator force using Equation A.1, where H is the perpendicular distance from the tower
pinned reactions to the actuator line of action and D is the distance between the tower reactions.

(A.1)

However, second order effects were introduced due to the change in geometry under large actuator dis-
placements ∆a. These effects were quantified using non-linear pushover analyses of the idealized test setup
shown in Figure A-9(a) using SAP2000 v.8.3 structural analysis software (CSI 2002). As the actuator
extended and retracted, the geometry of the mechanism caused the actuator to induce forces that were no
longer perpendicular to the tower shafts as illustrated by the actuator force components F1 and F2 in
Figure A-9(b). Frame and truss elements were used to model the test setup geometry and boundary condi-
tions. Representative cross sectional properties were assigned to the elements and the tower shaft connec-
tion zone between the diaphragms and up to the skin plate was assumed to be rigid. Lumped elasto-plastic
shear hinge was incorporated to limit the link shear V. The actuator displacement ∆a was assumed to
approximately equal the imposed horizontal displacement ∆ at the West end of the actuator. The range of
displacements encompassed the maximum recorded displacements for both test setups. The pushover anal-
yses included large deformation effects to account for the changing geometry at each step increment.

V F Ff±( ) H
D
----⎝ ⎠
⎛ ⎞⋅=
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The results of the analysis for both the transverse and the longitudinal test setup are shown by the discrete
data points in Figure A-10. The ratio of the link shear to the axial force in the element representing the
actuator illustrates the effects of the displaced geometry. The calculation of the link shear that accounts for
the changing geometry was approximated by a quadratic relationship shown by Equation A.2. Constants c1
and c2 are summarized in Table A-1 for the two different test setups. These relationships are shown as con-
tinuous lines in Figure A-10 and revert to Equation A.1 for zero actuator displacement.

 

(A.2)

Figure A-9: Pushover Model for Determining Second Order Effects
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A.3.3 Evaluation of Shear Link Axial Force

The change in geometry of the test setup under large actuator displacements can engage the link as a strut
and induce axial tensile forces. The pushover model illustrated in Figure A-9 was also used to determine
the significance of the shear link axial forces. Results of the analyses for the transverse as well as the lon-
gitudinal test setup are shown in Figure A-11, where the link axial force P is expressed in terms of its axial
yield capacity Py. The axial yield capacity was calculated as Py=Afy, where A is the link cross sectional area
and fy the nominal yield strength of the link. The link axial force was found to increase with increasing
actuator displacement and was significantly higher for the Longitudinal test setup due to the closer spacing
between the tower shafts. However, the bolted shear link end connections and the tower diaphragm flexi-
bility, which were not reflected in the idealized numerical model would significantly lower the link axial
forces.

Each bolt within the connection zone has 2 mm (1/16 in) clearance in a standard bolt hole (AISC 2001).
Assuming bolts and bolt holes that do not deform, this clearance provides for 4 mm (1/8 in) movement at
each shear link flange; i.e. between the link and the splice plate and between the splice plate and the tower
diaphragm. With bolt slippage, this link movement can provide for axial force relief at the location of each
flange. In order to quantify this effect, the numerical model was modified to include bolt slippage using bi-

Table A-1: Constant Used in Calculating Link Shear

Test Setup
Ff

kN (kip)
H

mm (in)
D

mm (in)
c1

mm (in)
c2

mm2 (in2)

Longitudinal 71 (16) 4620 (182) 2370 (93.3) 1830 (72) -21900 (-862)

Transverse 50 (12) 4620 (182) 2795 (110) 2910 (115) -25600 (-1000)

Figure A-10: Results from Test Setup Pushover Models
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linear axial elements at the location of flange splice center lines as shown in Figure A-12. These elements
were assigned stiff numerical values in all degrees of freedom except for axial force deformation. The axial
force deformation allowed for 4 mm (1/8 in) displacement in both tension as well as compression before
engaging the element. In effect, the numerical model assumed that all of the bolt slip occurred during the
initial loading.

The resulting link axial forces for the two test setups are shown by the dashed lines in Figure A-11. Signif-
icant reduction in axial force was observed at the extreme actuator displacement. Further reduction in axial
force may result if flexibility of the tower diaphragm connection was taken into account with a detailed
model of the connection region. Based on the relatively low values of axial stresses induced by the test
setup even at large actuator displacement, the axial force was assumed to not significantly influence the
overall shear link performance.

A.3.4 Calculation of Link Average Shear Deformation

Displacement transducers were used to measure the rotation of the shear link effective length independent
of the bolted connection and the rest of the test setup. Threaded rod studs were welded to the side of the
flange at the ends of the deformable length as shown in Figure A-13(a). Displacement transducers were
bolted to the rods with swivel joints to allow rotation at the connections. The shear deformation γeff was
calculated using Equation A.3 (McDaniel et al 2002), where the diagonal deformations δ1 and δ2 were
measured by transducers N01 and N02 installed across the effective length of dimensions a and b as shown
in Figure A-13(b). The calculated value represented the average shear deformation across the entire effec-
tive length.

(A.3)

Figure A-11: Axial Force in the Link
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Figure A-12: Connection Modification for Including Bolt Slip

(a) Displacement Transducer Attachment        (b) Deformable Length Shear Rotation

Figure A-13: Illustration of Link Shear Deformation Measurements
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